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ABSTRACT

NONLINEAR PERFORMANCE ANALYSIS OF STEEL LATTICE
ENERGY DISTRIBUTION TOWERS

Kosker, Yunus Anil
Master of Science, Civil Engineering
Supervisor: Prof. Dr. Eray Baran

February 2022, 100 pages

Steel lattice tower structures play a vital role in overhead energy transmission and
distribution networks. The safety of the towers has a great significance in order to
keep power systems functioning. Despite their crucial function, these structures are
susceptible to damage and sometimes total collapse as a result of environmental
overloading. The collapse of tower structures in varying magnitude has been reported
due to changing global weather patterns in the past few years. On January 16th, 2019,
strong wind and heavy precipitation were predominant in Tufanbeyli, Turkey, and
resulted in the collapse of 45 steel lattice distribution towers. In this thesis, some of
these collapsed towers were taken as a case study and an investigation was carried
out to evaluate the structural performance, estimate the load-carrying capacity, and
determine the collapse mechanism of the structures under different loading
conditions and modeling assumptions. On this basis, linear analyses were performed
on eighteen suspension towers and three tension towers under the design loads and
the failure condition loads to identify the exact cause of tower failures. Failure
condition analyses of the towers were conducted by considering the loading cases of

conductor break and ice with wind. Measured material capacities for tower steel



members and conductors were incorporated in these analyses in an attempt to
accurately simulate the actual conditions. The realistic conditions that the towers
were likely to experience on the day of the incident were predicted based on
meteorological data. Numerical results reveal that under design level loads and the
specified loading cases the towers possess the safety level intended by the related
design documents. However, at the time of the incident, ice accumulation around the
conductors was multiple in size compared to the specified value by the design code.
According to site inspections and field reports, the tower members experiencing
failure were predicted accurately by failure condition analyses. Further studies were
performed on the selected towers, focusing on the nonlinear properties to reveal the
full collapse mechanism of the towers and failure sequence of the structural
members. The nonlinear static pushover analysis with lumped plasticity approach
was employed by modeling axial hinges with piece-wise linear force-deformation
characteristics. The capacity curves of the towers were investigated and the most
vulnerable parts of the towers were demonstrated. Results obtained from nonlinear
analyses indicate that the tower response is governed by buckling of leg members in
the tower body under ice and wind interaction condition, while for conductor break
loading case the response is governed mostly by bolt bearing deformation of
horizontal and brace members located near crossarms. It was determined that bolt
bearing capacity provides a more ductile failure mechanism compared to sudden

collapse due to member buckling.

Keywords: Steel Lattice Towers, Static Nonlinear Analysis, Plastic Hinge, Overhead

Energy Distribution Lines
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CELIK KAFES ENERJi DAGITIM DiREKLERININ DOGRUSAL
OLMAYAN PERFORMANS ANALIZi

Kosker, Yunus Anil
Yiiksek Lisans, Insaat Miihendisligi
Tez Yoneticisi: Prof. Dr. Eray Baran

Subat 2022, 100 sayfa

Celik kafes direk yapilari, havai enerji iletim ve dagitim hatt1 aglarinda hayati bir rol
oynamaktadir. Gii¢ sistemlerinin ¢alisir durumda kalmasi igin direklerin giivenligi
biiyiik 6nem tasimaktadir. Son yillarda degisen kiiresel hava kosullar1 nedeniyle
diinya ¢apinda gesitli direk yikilmalar rapor edilmistir. 16 Ocak 2019'da Tiirkiye'nin
Tufanbeyli ilgesinde diisiik sicaklikta siddetli riizgar ve yogun bir kar yagis1 etkili
Olmustur ve 45 adet celik kafes enerji dagitim diregi yikilmistir. Bu tezde
Tufanbeyli’deki direkler 6rnek alinmistir ve farkli yiikleme kosullari ve modelleme
varsayimlari  altinda  direklerin  yapisal  performans  degerlendirilmesi
gerceklestirilerek yiik tasima kapasitesi ve direklerin gogme mekanizmasinin
belirlenmesine yonelik caligmalar yapilmigtir. Bu dogrultuda, kesin yikilma
sebeplerini belirlemek i¢in tasarim yiikleri ve gergeke¢i durum yiikleri altinda 18 adet
tasiyict ve 3 adet durdurucu gelik kafes direk iizerinde ¢alismalar yapilmustir.
Gergekei durum yiikleri, direklerin ve iletkenlerin yikilma aninda maruz kaldiklari
dis yiikleri yansitmaktadir ve analizlerde iletken kopmasi ve buzlu iletkenlere riizgar
etkimesi olmak iizere iki farkli yiikleme kosulu dikkate alinmistir. Dogrusal analiz

sonuclarina gore direkler gilincel tasarim sartnamesini saglamistir. Buna karsin,
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yikilma aninda, iletkenlerin etrafindaki buz kalinliginin, tasarim sartnamesinde
belirtilen degere kiyasla oldukga fazla oldugu belirlenmistir. Y1ikilma mekanizmasini
ve yapisal elemanlarin gégme sirasini ortaya ¢gikarmak i¢in dogrusal olmayan statik
itme analizi yontemi ile daha ileri ¢aligmalar yapilmstir. Yigili plastik davranis
modeli eksenel mafsallar ile modellenmistir ve direklerdeki kritik elemanlar
belirlenmistir. Analiz sonuglarina gore, buzlu iletkenlere riizgar yiiklemesi kosulu
diregin gévdesinde bulunan bacak elemanlarinda burkulmaya sebep olurken, iletken
kopmasi ylikleme kosulu diregin konsollar1 arasindaki yatay ve capraz eleman
birlesimlerinde gdgmeye sebep olmaktadir. Iletken kopmasi kosulunda daha siinek
bir davranis goriiliirken, buzlu iletkenlere riizgar kosulunda burkulma sebebiyle

yapilarin kapasite egrilerinde ani bir gogme tespit edilmistir.

Anahtar Kelimeler: Celik Kafes Direkler, Statik Dogrusal Olmayan Analiz, Plastik
Mafsal, Havai Enerji Dagitim Hatti
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CHAPTER 1

INTRODUCTION

Energy transmission and distribution line systems have a crucial role in modern life
as they provide the essential links between power plants and communities. Steel
lattice towers, which have been widely used for many other functions, including
telecommunication and wind turbines, are the vital component of overhead energy
transmission and distribution systems. The primary role of transmission/distributions
towers is to transfer the power for long distances safely with sufficient height from

ground (Figure 1.1).

Figure 1.1. 154 kV Bosphorus crossing steel lattice transmission tower



Steel lattice towers are backbones in the operation of electrical
transmission/distribution grids. They are considered as one of the most critical
components of the power networks. The safety of these structures has a great
significance in order to keep power systems functioning properly. Although steel
lattice towers are very efficient structures for resisting the external load actions
arising from environmental effects and weight of the line components, these
structures are vulnerable to extensive damage due to natural hazards. Failures in
transmission/distribution towers in varying magnitude have been reported during the
past few decades due to changes in global weather patterns with extreme winds and
heavy ice actions (Alminhana et al., 2018; Klinger et al., 2011; Xie and Sun, 2012).

In Figure 1.2, some of the recently occurred failure examples on towers are shown.
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Figure 1.2. Examples of reported tower failures: (a) Kefallonia Island, Greece,
2006; (b) Hainan, China, 2014; (c) Miinsterland, Germany, 2005



Various environmental effects may cause cascading tower failures along a line, as
the failure of a tower usually propagates the collapse along with the adjacent towers.
This leads to severe damage to the entire energy line architecture and results in
economic losses associated with power disruption. In order to mitigate the damage
resulting from natural hazards, determination of collapse mechanism under different
failure modes as well as an accurate prediction of the structural capacity of steel
lattice towers are essential for the reliability of energy transmission/distribution

networks.

1.1 Steel Lattice Transmission and Distribution Towers

Steel lattice transmission/distribution towers are self-supported space truss frame
structures composed of main structural members and bracing systems. Lattice towers
are very efficient structural systems for resisting high lateral forces and practical at
the same time due to ease of construction applications. Towers are typically
constructed using standard single or built-up steel angle members with the ends
connected to other members through bolted joints, either directly or through gusset
plates. Towers are typically composed of leg, brace, and horizontal members, as
illustrated in Figure 1.3.

The components of a typical transmission/distribution line are as follows: conductors
through which power is transmitted, tower structures, and insulators that isolate the
electricity and connect conductors to the tower. Typical layout of these components

is shown in Figure 1.3.

Transmission/distribution towers come in many shapes and sizes due to different
operational purposes. Parts of a typical transmission tower are tower body, cage,
crossarm, waist, and peak (Figure 1.3). On the other hand, distribution towers usually
have relatively simple architecture and smaller size compared to transmission
towers. The reason for the difference in the overall geometry of transmission and

distribution towers is the voltage level. Higher voltage levels used in transmission



lines require the towers to be relatively tall and crossarms to be wide in order to
satisfy the electrical clearance requirements. Increased tower height, together with
large diameter conductors, result in higher level of design forces in transmission
towers as compared to the towers utilized in distribution networks. Such a high level

of design forces dictates the use of members with relatively large cross sections.
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In a typical power transmission/distribution line, towers vary based on their roles
and can be classified as suspension, tension, and terminal towers. Suspension towers,
which constitute the majority of transmission/distribution towers in service, are
intended to carry only the weight of the conductors and insulators. The conductors
are simply suspended from the towers through insulators. Suspension towers are used
on straight sections of the energy line or when the angle of line deviation is small.
They are lightweight and therefore more economical structures compared to tension

and terminal towers. Tension towers are designed to support the additional tension



loads develop in conductors as a result of line stringing operation. This type of towers
can be used at any location but are usually preferred at turning points of the line
where the line deviation angle is relatively large. Tension towers are utilized in
power transmission/distribution lines in a less frequent pattern than suspension
towers. Terminal towers are the heaviest structures in a transmission/distribution line
and are located at the end of the line. On one side of terminal towers, the conductors
are connected to the electrical substation. Therefore, these towers are subjected to
one-side tension loads exerted by the conductors.

Transmission/distribution towers are subjected to external loads due to various
sources during their service lives. Loads that are considered in structural design
include self-weight of the power line components (i.e., tower, conductors,
insulators), wind and ice loads on the conductors, wind loads on the insulators, wind
loads on the tower members, and tension loads induced by line deviation and
conductor break or unbalanced loading conditions. ASCE 74 (2010), ASCE 10-15
(2015), and EN50341 (2012) are the primary design guides and provisions
considered for the determination of loads and also structural design of towers. In
Turkey, the current technical specification by the Turkish Power Distribution
Agency (TEDAS, 2008) is the key document providing guidelines on loading and
design of steel lattice distribution towers.

1.2 Thesis Objectives and Scope

The main focus of this thesis is on the investigation of failure conditions of steel
lattice distribution towers by comparing the current design code assumptions and
actual failure conditions observed in the field. A part of the investigation, the recent
collapse of the 34.5 kV voltage capacity distribution towers in Tufanbeyli district
was taken as the case study, and linear and nonlinear analyses of the towers were
performed. The case-study towers were investigated by linear analyses in an attempt
to evaluate the compliance of their structural design according to the loading cases

specified by the related design document (TEDAS, 2008). Nonlinear analyses were



conducted under the “realisitc” loading conditions that the selected collapsed towers
were subjected to at the time of the incident. In this way, the safety levels of the
towers were determined by considering two different loading conditions determined
by site inspections and meteorological data. The load conditions were described as
middle conductor break (MCB) and ice and wind interaction (IWI). In these realistic
condition analyses, measured material properties for the tower members and
conductors were used. The response of the towers determined this way was
compared with the site-observed conditions of both the collapsed and intact towers.

1.3 Organization of the Thesis

In addition to the Introduction chapter, there are four more chapters in this thesis.
Chapter 2 gives a review of the current literature on various aspects of
transmission/distribution towers and nonlinear analysis approaches, as well as
strengthening applications. In Chapter 3, results from linear analysis of the towers
under design and failure conditions are presented. Additionally, this chapter gives
the results of material testing on the conductor sample and samples extracted from
steel angle sections taken out from the collapsed towers. In Chapter 4, response of
the selected towers performed under two different loading conditions in nonlinear

analyses is discussed. Conclusions of the study are summarized in Chapter 5.



CHAPTER 2

LITERATURE REVIEW

There exist several studies in the literature on steel lattice towers, and the studies
differ depending on the various design needs of the structures. In this thesis, the
literature review is focused on several topics to summarize the essential
characteristics of the structures. First, the studies on the structural capacity
assessment of collapsed towers are presented, and the failure mechanisms are
reviewed. The comparison of the failed conditions and numerical results are
discussed. Next, the nonlinear analysis approaches applied on tower structures are
overviewed, followed by tower loading condition assumptions. Lastly, strengthening

and retrofitting applications applied on steel lattice towers are reviewed.

2.1  Failure Mechanisms of Collapsed Towers

Transmission/distribution tower failures in varying magnitudes have been reported
during the past few years. Investigation on these failures has been documented by
different researchers. Anagnostatos et al. (2013) investigated the collapse of
transmission towers in Kefallonia, Greece in 2006. A total of ten 150 kV steel lattice
towers collapsed as a result of 89-102 km/h wind speeds and excessive ice
accumulation on conductors. It was reported that the diameter of the ice-covered
conductors reached 15 cm at the time of the failure, which is approximately 2.42
times the value specified in EN 50341 (2012) design guide. Therefore, the acting
wind loads on conductors were increased and consequently the towers were
collapsed. Collapse of 110 kV double circuit tension towers was investigated by Jian
et al. (2013). The towers were reported to fail due to the wind loads exceeding design
values. Based on their findings, Anagnostatos et al. and Jian et al. recommend

revision of the design regulations in order to reflect the changing meteorological



conditions in recent years. Another recommendation provided as a result of these

investigations is to keep the tower spans shorter in newly constructed lines.

In a study by Klinger et al. (2011), a total of eleven collapsed transmission towers in
Miinsterland, Germany in 2005 were analyzed under (1) the design regulations at the
time of the construction, (2) the current design code, and (3) the real failure loading
conditions. The towers were reported to collapse due to unbalanced ice loading on
conductors with a wind speed of 65 km/h. Additionally, embrittlement of brace
members due to ageing accelerated the failure process, which has been determined
by experimental studies. It was suggested that the assessment of same type of
existing transmission towers should be conducted in order to evaluate the compliance
of the design loads specified in EN 50341 (2012).

Zhang and Xie investigated the failure mechanism of a tower collapsed during a
typhoon and indicated that the failure was triggered by overloading of brace
members (2019). Therefore, even though these are secondary members special
attention should be paid on design of these components. A similar observations was
also reported by Yang, et al. in the study on wind-induced destruction of power
transmission towers (2016).

Edgar and Sordo (2017) reported a study on two 400 KV transmission towers to
assess their vulnerability under the extreme loading induced by Hurricane Wilma
that hit Yucatan Peninsula in 2005. The results were discussed under the action of
load patterns from four wind design codes, and a good correspondence among the
compared codes is stated. Full-scale testing and numerical analyses of a 400 kV steel
lattice transmission tower with built-up cruciform leg members were investigated by
Shukla et al. (2021) in order to determine the effect of bending moments induced by
eccentric loading at the connections. Results from the numerical model indicated that
the collapse of the tower may have been caused by the small eccentricity between

the main member axial forces.



2.2 Linear and Nonlinear Tower Analysis Approaches

There are different approaches available in the literature that have been used to
determine the structural characteristics of tower structures by several researchers.
The linear analyses approach is mostly used to evaluate the compliance of the tower
design with the design standards (Anagnostatos et al., 2013; Klinger et al., 2011). As
one of the first comprehensive studies on nonlinear analysis of steel lattice
transmission towers, Al-Bermani and Kitipornchai (1992) developed an analytical
technique to evaluate the ultimate strength of steel lattice tower. The method that
they employed considers both geometric and material nonlinearities using an
equivalent tangent stiffness matrix of the members. The lumped plasticity approach
was adopted for the expected inelastic response of the members. Rao and
Kalyanaraman (2001) investigated the nonlinear structural modeling approach on a
panel of the transmission tower by employing both beam-column elements and plate
elements. Effects of member eccentricity and rotational rigidity of joints, as well as
material nonlinearity were taken into account. Good agreement was obtained

between the numerical predictions and test results.

Fu and Li (2018) and Wang et al. (2019) conducted static nonlinear analyses
considering the initial eccentricity and geometric imperfections obtained from linear
buckling analysis by uniform imperfection mode method. The capability of
nonlinear analysis with material nonlinearity and imperfections in the structural
capacity assessment was addressed. The failure modes determined by nonlinear
analysis using bilinear isotropic hardening model in ANSYS software were

confirmed with the experimental observations.

Tian et al. (2018) conducted nonlinear pushover analyses and full-scale tests on two
different types of towers under thirteen load cases considering 27 m/s wind speed
and 15 mm ice thickness. The towers were modelled with ABAQUS software by
using beam elements. In nonlinear static analysis, the progression of failure was
modeled using the birth-to-death element approach and arc-length method was used

for solution control. A user-defined material model was created to introduce member



instability in the model accurately. Results indicated that the collapse of the
investigated towers occurred due to buckling of the leg members located in the lower

part of the towers.

Displacement-controlled pushover analyses on two types of tension towers were
carried out by Edgar and Sordo (2017) to evaluate the failure sequence and determine
the safety level of the structures. Structural members were modeled as beam-column
elements represented by lumped plastic hinges in SAP2000 software. Based on the
numerical results, an evaluation of wind load patterns provided in different design

codes was provided.

Although static nonlinear analysis models are generally adopted for towers, there are
also a number of researchers considering dynamic actions on steel lattice
transmission towers. Zhang et al. (2019) investigated the wind speeds that resulted
in failure by employing static and dynamic nonlinear analysis by using ANSYS
software. The numerical results suggest that as the members vibrate under the
dynamic external loads, the load distribution in the tower changes. In a study by Li
et al. (2017) the dynamic impact effects resulting from the conductor break were
investigated, and the results indicate that the dynamic instability occur earlier than
the static instability. Hence, it was suggested to consider the dynamic effects in the

failure investigations.

Tian et al. (2019) and Wang et al. (2014) developed an incremental dynamic analysis
(IDA) procedure for numerical analysis of steel power transmission towers. In this
respect a transmission line consisting of two towers and three spans were modelled
in ABAQUS software. For the structural models, beam and truss elements were
adopted for tower members and conductors, respectively. The critical wind speed
that causes the collapse of a long-span transmission tower was determined by
considering the probability of failure in various wind attack angles. According to the
results of the comparative studies, it was stated that the capacity values obtained

from dynamic analysis were lower than those obtained from static analysis. Loss of

10



stability was observed to occur earlier under dynamic load effects compared to the

static case.

The collapse analysis of a long-span transmission tower-line system subjected to the
1999 Chi-Chi earthquake was investigated by Tian et al. (2017). The IDA procedure
was adopted by considering the geometrical and material nonlinearities. The Tian-
Ma-Qu material model (Tian et al., 2018) was used to introduce the nonlinear
properties to the members. It was concluded that more attention should be paid to
seismic design of this type of towers due to some tower segments possessing a
relatively high probability of damage under seismic effects. Shear deformations
contributed to the failure of diagonal and horizontal members, while bending
deformations led to buckling of leg members. It was stated that the failure of a

diagonal or horizontal member may accelerate the total collapse of the structure.

More than 20 steel lattice transmission towers were failed by progressive collapse
due to the 2008 Wenchuan earthquake. Tian et al. (2016) simulated the progressive
collapse of these towers under earthquake excitation. Failure path, fracture position,
and collapse resistance of the towers were investigated. The results indicated that the
diagonal brace members are more vulnerable to overloading than the main leg
members. It was also reported that analysis under multi-component seismic
excitation is more prone to collapse than longitudinal seismic excitation. On this
basis, Alminhana et al. (2018) conducted a study on multi-span transmission line
sections under progressive failure scenarios. Two case studies were presented to
assess the anti-cascade load case and examine the vulnerability of an existing
transmission tower. The static and dynamic analyses were performed on guyed and
freestanding towers. The towers were modeled with conductor, insulator sets, and
steel lattice supports fully discretized into finite elements. The static analysis results
were compared with the dynamic responses of the line section under the conductor
break condition. The proposed dynamic analysis technique was reported to predict

the main causes resulting in the collapse of the investigated towers.
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2.3  Tower Loading Conditions

Analysis of steel power transmission lines under different loading effects has been
presented by several researchers. Li et al. (2017) investigated the conductor break
loading condition on a transmission line consisting of three towers and two spans of
conductors. On this basis, parametric research was performed to observe the
influence of the ice thickness accumulated around conductors, weight span, and
insulator length. Based on pushover analysis results it was clarified that longer
weight spans and larger conductor tensions due to ice sleeves lead to smaller load-
carrying capacity. Similarly, use of shorter insulators negatively affected the static
load bearing capability. In other studies by Li et al. (2018, 2020) similar findings
were determined for the insulator break loading condition. It was concluded that the
insulator breakage leads to unbalanced loads, which resulted in an increase of the

vertical load on the towers.

Tian et al. (2018) investigated the ultimate capacity and failure mechanism of two
types of power transmission towers subjected to conductor break as well as ice and
wind interaction (IWI) loading conditions. The study included numerical analyses
combined with full-scale tests. Based on the numerical and experimental results, the
tower segments close to the crossarms were reported to be more susceptible to failure
under the investigated loading conditions. An extensive investigation was conducted
by Vincent et al. (2004) on a line segment including 12 towers and 11 spans of
conductors. The results obtained by tests compared with nonlinear dynamic analyses
results under several failure conditions. The results indicated that, the calculated
longitudinal loads were smaller than the loads originating from conductor failure.
The failure mode was reported to be a determining factor in the amplification of

loading due to dynamic response of the tower and line system.

The effects of wind attack angle on the towers and the ice thickness on the conductors
were investigated under ice and wind interaction (IW1) loading conditions by Liu et
al. (2018). The most unfavorable wind direction was determined as perpendicular to

the power line under the ice loading. In this loading conditions, a 30 mm ice thickness

12



around the conductors resulted in overloading in some of the members in the upper

part of the tower.

A parametric study was carried out by Fu and Li (2018) to demonstrate the failure
sequence of a 500 kV transmission tower with the uncertainties of material properties
and section dimensions. The failure of each structural member under different wind
directions was analyzed, and it was stated that the most critical section is the middle
part of the tower body, while the most unfavorable wind attack angle is perpendicular
to the power line. Another probabilistic study to predict the response of a power
transmission line under wind loading and excitations induced by rain loading was
conducted by Fu et al. (2019). Uncertainties associated with material properties and
section dimensions were included in the analyses. For the investigated towers the
main failure pattern included overloading of main leg members. It was concluded
that the presence of rainfall decreased the wind speed capacity of the towers. The
rainfall effect was observed to increase significantly with increasing number of

connector bundles.

To study the seismic risk evaluation, probabilistic fragility analysis of latticed steel
tubular transmission towers subjected to near-field ground motions, was conducted
by Pan et al. (2020). It was determined that the fragility of the tower is greatly
affected by the seismic incident angle. The direction corresponding to the
longitudinal direction of the line was reported to be the most unfavorable direction
for the towers under the investigated ground motions. It was also concluded that
neglecting the coupling between the tower and the conductors may lead to
overestimation of tower seismic capacity. The influence of various sources of
uncertainty on the probabilistic seismic demands of towers was numerically
investigated by Tian et al. (2019) and Fu et al (2022). Random samples of different
uncertainty parameters, including ground motion variability and structural modeling
uncertainties, were generated. Seismic fragility curves were determined through a
nonlinear IDA procedure. The results indicated that deterministic structural
parameters are acceptable for estimating seismic fragility of the investigated towers.

The collapse simulation of a steel lattice transmission tower subjected to a
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unidirectional earthquake ground motion was further investigated by seismic
fragility analyses by Long et al. (2018). It was reported that the determined seismic
collapse probability of the investigated tower meets the demand dictated by the
Chinese seismic code.

2.4  Strengthening and Retrofitting of Tower Structures

Several researchers have contributed to the literature with theoretical and
experimental studies in order to increase the load capacity of existing transmission
towers. There are mainly two reinforcing methods that are used in practice. Providing
a number of horizontal diaphragms along the tower’s height is the first retrofitting
approach (Al-Bermani et al., 2004; Xie and Sun, 2012). Al-Bermani et al. (2004)
conducted a study on tower strengthening by providing additional diaphragms, and
different types of diaphragm systems were investigated for single panel of a tower.
The effects of the diaphragm geometry on the structure have been evaluated by
prototype tests and nonlinear analyses. Based on the obtained results, an existing
telecommunication tower was retrofitted with additional diaphragms, and the
structural capacity was increased by 40%.

Xie and Sun (2012) conducted an experimental study to investigate the behavior of
a 500 kV capacity transmission tower with additional diaphragms provided to
increase the load carrying capacity. It was stated that load-carrying capacity and
ductility of the tower have been enhanced significantly with the presence of
diaphragms. The increase in the ultimate load capacity was approximately 18%. The
results indicated that the out-of-plane deformations of the brace members were
reduced by providing additional diaphragms. Similar findings were also represented
by Cai et al. (2016) in the wind tunnel testing of 500 kV tower prototypes. It was
reported that the most vulnerable part of the towers are the leg members at lower
panels, and with the introduction of diaphragms the ultimate bearing capacity of the
tower is enhanced under wind actions. The maximum wind speed that resulted in a

collapse of the tower was increased by 33% with the addition of diaphragms. The
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vibration properties of the towers with and without diaphragms were reported to be
similar. Li et al. (2017) also noted that a diaphragm system could improve the
buckling capacity of tower leg members. In the study by Yang et al. (2016), tower
retrofit by providing additional diaphragms was investigated by using a collapsed
transmission tower as a case study. Results obtained from both static and dynamic
nonlinear analyses demonstrated that providing additional diaphragms and braces in

lower part of the tower results in member forces and tower deformations.

The second approach for tower strengthening is by increasing the cross section of
the existing tower members. This is usually achieved by bolting new steel profiles to
the existing members. In this way, the load-carrying capacity of the leg members can
significantly be improved (Shukla et al., 2021). Mills et al. (2012), Zhuge et al.
(2012), and Lu et al. (2014) focused on retrofitting of steel angle main leg members
in lattice transmission towers by bolted angle reinforcing members. The
experimental results verified the effectiveness of the reinforcement method.
Depending on the number of panels reinforced within the tower the increase in tower
load capacity could be as high as 105%. The load sharing between the existing and
the reinforcement member was studied, and it was reported that an effective load
transfer can be achieved by using a bolted splice type connection. Numerical analysis
of the proposed strengthening system was also conducted, and the numerical results
were compared with the results from axial load testing of tower members. The
numerical model included the connection details, including bolt pretension and slip
response. It was reported that the investigated tower retrofit is an efficient method,
and the level of strength increase can be predicted accurately through numerical

analysis.
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CHAPTER 3

INVESTIGATION OF TUFANBEYLI TOWERS

3.1  Description of Investigated Power Distribution Line

Tufanbeyli District of Adana Province in Turkey receives energy via a 34.5 kV
voltage level double circuit power distribution line. The energy line is 76 km long
and was established in 1976. On January 16th, 2019, strong wind and heavy snowfall
were predominant in the district and resulted in the collapse of a total of 45 steel
lattice towers located on the power distribution network. Out of these 45 towers, 24
towers were part of the double circuit line, while the remaining towers were part of
a separate single-circuit line. The investigation conducted as part of this thesis focus
on the Tufanbeyli part of the double-circuit distribution line, where fifteen tower

failures occurred.

Tufanbezli
38.26°N / 36.22°E 1474m
(12 x 12 km)

2019-01-01 - 2019-01-31

Figure 3.1. Meteorological data from Tufanbeyli station for January 2019

The meteorological data obtained from Tufanbeyli station indicates wind speeds of
up to 60 km/h and a minimum temperature of approximately -15°C (Figure 3.1). In
addition to the meteorological data, photographs taken by field staff indicate thick
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ice sleeves around conductor wires during the day of the incident (Figure 3.2). The
investigated part of the Tufanbeyli double-circuit distribution line utilizes 3/0 AWG
(Pigeon) type conductors made up of aluminum strands with steel core (ACSR). The
corresponding conductor properties are given in the TEDAS Technical Manual on
Design of Distribution Lines (TEDAS, 2000) and presented in Table 3.1.

(b) (c)
Figure 3.2. Observations during the day of the incident: (a) ice sleeves around

conductors; (b) a collapsed tower; (c) staff removing ice on conductors

Table 3.1 Nominal section properties of the conductors used in the investigated
power distribution line (TEDAS, 2000)

Property

Diameter (ad) 12.75 mm
Self-weight per unit length (P) 3.36 N/m
Cross sectional area (.5) 99.23 mm?
Ultimate Tension Capacity (Fu) 29.72 kN
Maximum Design Force (F7) * 10.71 kN

*8.96 kN shall be used for ice region I
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The investigated line consists of four types of towers, which are BU, DU, RU, and
SU type. These tower types have been commonly used in power distribution
networks in rural areas of Turkey. Structural design of these towers are based on
steel angle members made of St 37 class steel (Table 3.2) (TEDAS, 2000). Due to
their relatively old design and poor documentation, the geometrical properties of BU
and SU type towers were not available at the beginning of the investigation.
Therefore, these tower types were excluded from the current study and the
investigation focused only on the DU and RU type towers. Geometrical details are
illustrated for the RU type suspension towers and DU type tension towers in
Appendix A. In order to accommodate the changes in the topography, towers are
usually designed for different heights in a modular pattern. For instance, RU type
towers can be constructed as RU-8, RU-6, RU-4, RU-2, RU+0, RU+2, RU+4, or
RU+6. The numbers in this type of designation indicate the increase or decrease in

tower height (in meters) compared to the geometry of the nominal tower.

Table 3.2 Properties of the angle sections used in Tufanbeyli towers

Section Type b (mm) t (mm) Ag (mm?) rxy (Mm) r; (mm)
L40x4 40 4 308 121 77
L50x5 50 5 480 151 97
L60x6 60 6 690 182 117
L65x7 65 7 870 196 126
L70x7 70 7 940 212 136
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3.2 Site Inspections on Towers

A condition assessment of the existing intact towers and failure investigation of some
of the five damaged towers were performed during the site visit to Tufanbeyli on
August 22nd, 2019. Locations of the towers along the investigated power distribution
line are shown in Figure 3.3. Superimposed on the same figure are the marks of the
fifteen failed towers and photographs of the observed failure patterns. Among all
failed towers, photographs are provided only for towers N0.106, No.107, No.108,
No0.116, and No0.127, because the other failed towers had already been dismantled

before the site visit.

During the site visit, verification of the presence of structural members and
examinations for configurational problems in the towers are made with a hands-on
investigation. Visual inspection of the towers indicated no signs of corrosion or
surface deterioration, improper connections, or foundation damage on the failed and
intact towers. Two main failure modes observed on the towers are (1) torsional
deformation of the tower cage between the middle and lower crossarms and (2)
buckling of leg members at a location below the lower crossarm. In some parts of
the line, broken conductors were also observed. Photographs of the inspected failed

towers are given in Appendix B.

3.3 Analyses of Towers

Two types of loading conditions, namely design condition and failure condition,
were performed in an attempt to determine the exact cause of the tower collapses and
to investigate the safety level of the existing towers. The investigation focused on
the part of the towers between N0.100-No.130, because this was part of the line with
the most observed damage. Fourteen of the fifteen failed towers were located in this
part of the line. As evident in Figure 3.3 this part of the line has a straight profile
with no deviation. Characteristic design properties of the towers as well as the
damage condition on the towers and conductors are presented in Table 3.3.
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Figure 3.3. Locations of the failed towers along the power distribution line
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Table 3.3 Design properties of Tufanbeyli towers and observed damage

Height Back Wind Weight Damage Condition
Tower Type Span  Span,aw  Span, ag
(m) (m) (m) (m) Tower  Conductor

100 RU-2 20.7 240 219 127 X X
101 RU+0 227 198 227 234 X X
102 SU+6 285 256 252 284 X Broken
103 SU+4 265 247 287 249 Damaged  Broken
104 SU+4 265 326 283 279 Damaged  Broken
105 RU+4  26.7 240 260 257 Damaged Broken
106 RU+4 267 280 265 280 Damaged Broken
107 RU-4 187 250 237 212 Damaged  Broken
108 RU-2 20.7 224 209 195 Damaged  Broken
109 RuU+4 26.7 193 227 231 Damaged Broken
110 BU+6 27.7 260 247 304 X X
111  SuU+6 285 234 247 236 X X
112 RU-4 187 260 240 228 X X
113 RU+2 247 220 210 258 X X
114 RU+0 22.7 200 224 174 X X
115 DU+2 233 247 303 333 X X
116 SU+4 265 359 326 335 Damaged X
117 SU+2 245 293 265 256 X Broken
118 RU-2 20.7 237 232 227 X Broken
119 DU+0 213 227 227 205 X X
120 RU-2 20.7 226 225 212 Damaged X
121  RU-2  20.7 224 224 177 Damaged X
122 SU+4 247 223 259 352 Damaged X
123  RU-2 207 294 258 213 Damaged X
124 RU+0 227 221 227 150 X X
125 RU+2 247 232 246 256 X X
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Table 3.3 (cont’d) Design properties of Tufanbeyli towers and observed damage

) Back Wind Weight -

Height Damage Condition
Tower Type Span Span,aw  Span, ag

(m) (m) (m) (m) Tower Conductor
126 SU+4 245 259 318 402 Damaged X
127 SU-6 265 377 270 199 Damaged Broken
128 DU+0 213 162 182 230 X X
129 RU-2 207 201 196 250 X X
130 RU-2 207 190 95 185 X X

Among the properties given in Table 3.3, back span is the distance between the tower
that is considered and the previous tower along the line. Weight span (ag) is the
horizontal distance between the lowest point of the conductor on either side of the
tower. Weight span is used for determination of the total conductor weight supported
by each tower. Wind span (aw) is the distance between middle points of the span on
either side of the tower. Wind span is used for determination of the lateral load
supported by each tower due to the wind load on conductors. Determination of
weight and wind spans for a sample power line is illustrated in Figure 3.4. As

illustrated, the wind spans of towers T2 and T3 are aw-t2 and aw-t3, and the weight

spans are ag-t2 and ag-ts.

Figure 3.4. Wind and weight spans for towers
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3.3.1 Numerical Modeling of Towers

Structural modeling and numerical analysis of the towers were conducted within
PLS-TOWER and SAP 2000 software. PLS-TOWER software was used for
verification of the results obtained from the SAP2000 models. After similar
responses were achieved for a suspension type RU+4 tower, modeling and analysis
of the towers were continued with SAP2000 software, as it allows for a rapid model
buildup and post-processing of the analysis results. Eighteen RU type and three DU
type towers were modeled according to the design and construction drawings
(TEDAS, 2000). A separate 3-dimensional numerical model was prepared for each
tower by utilizing 2-node frame elements. Brace and horizontal members were
modeled as pinned connected elements. As mentioned earlier, this is the general
approach used in modeling of lattice type distribution towers, since the structural
response is close to ideal pinned behavior due to the members being connected
usually with a single bolt. Leg members were modeled as continuous elements. The
weight of the connection components was neglected in the study since they have no
significant contribution to the response. Tower bases were modeled as pinned with
all three translational degrees of freedom being restrained. Several views from the

numerical model of the RU-4 suspension tower are shown in Figure 3.5.
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Figure 3.5. Structural analysis model of RU-2 type tower
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As part of the structural analysis of towers, member forces were determined by linear
elastic analysis with the axially loaded member and small deformation assumptions.
Comparison of the axial load bearing capacity with the axial force demand produces
the capacity ratio for each tower member. A properly designed tower should have
capacity ratio of less than 1.0 for all members. Axial load capacities of the tower
members were determined by considering the limit states of buckling, net section
yielding, bolt bearing and bolt shear, as described in ASCE 10-15 (2015). Effective
lengths of the structural members were also determined with respect to
corresponding tower geometry according to ASCE 10-15 (2015). The load capacity
of an axially loaded member under compression is governed by the most unfavorable
limit state among the limit states of buckling, bolt bearing, and bolt shear. Similarly,
for a member under tension, the load capacity is governed by the most unfavorable
limit state among the limit states of net section yielding, bolt bearing, and bolt shear

limit states.

3.3.2 Analysis of Towers under Design Level Loads

The technical specification by Turkish Power Distribution Agency (TEDAS, 2008)
is the key document providing guidelines on design loads for steel lattice type power
distribution towers. Due to the design and construction of the investigated towers
dating back to the 1970s, it was deemed necessary to check the structural behavior
of the towers under design loads. In this regard, towers were analyzed in order to

evaluate the compliance of the design according to the current design practice.

TEDAS Specification identifies the loading cases to be considered for structural
design of power distribution towers. There are three loading cases for suspension
towers and five loading cases for tension towers that should be considered in the
design. These loading cases are summarized, respectively in Table 3.4 and Table 3.5.
A factor of safety value of 1.5 is specified for all of these loading cases for both types
of towers (TEDAS, 2008). Loading cases specified for suspension towers are (1)

transverse wind with no ice, (2) longitudinal wind with no ice, and (3) conductor
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break. For tension towers, loading cases to be considered in design are (1)

unbalanced loading due to ice-covered conductors, (2) transverse wind with no ice,

(3) conductor break, (4) opposite lift, and (5) uplift. Conductor break loading case

considers breaking of a single ice-covered conductor for suspension towers. On the

other hand, breaking of two neighboring ice-covered conductors is considered for

tension towers. Therefore, for the investigated towers, which are part of a double-

circuit line, structural analysis under conductor break loading case were conducted

in three loading cases for suspension towers and ten loading cases for tension towers.

These loading cases are illustrated in Figure 3.6 and Figure 3.7.

Table 3.4 Loading cases specified for suspension towers (TEDAS, 2008)

Loading Case Transverse Loads

Longitudinal Loads

Vertical Loads

- Wind loads on

Transverse - Self-weight of the
) conductors,
Wind, no Ice, No load Insulators, tower and
insulator and tower _ _
+5 C° conductors with no ice
body
- One sided tension
load by 2% of max
Longitudinal design force of - Self-weight of the
Wind with no conductors Insulators, tower and
No load ) _
Ice, - Wind loads on conductors with no
+5 C° insulator ice
- Wind loads on
tower
- 2/3 of weight of the
_ ice-covered broken
Conductor No load due to - 1/3 of max design  ~ynquctor
small angle of force of the broken - Weight of the ice-
Break, -5 C°

line deviation

conductor

covered conductors
- Self-weight of the
insulators and tower

26



Table 3.5 Loading cases specified for tension towers (TEDAS, 2008)

Loading Transverse Longitudinal )
Vertical Loads
Case Loads Loads
-40% of max - Weight of the ice covered
Unbalanced No load due to _
] design force of conductors
Loading, small angle of ) _
_ o the broken - Self-weight of the insulators
-5C° line deviation
conductor and tower
- Wind loads
on conductor )
Transverse _ - Self-weight of the conductors
) - Wind loads . o
Wind, no ] No load with no ice, insulators and
on insulator
Ice, +5 C° . tower
- Wind loads
on tower
- 2/3 of weight of the ice-covered
- 75% of max broken conductor
Conductor No load due to _ ) _
design force - Weight of the ice-covered other
Break,  small angle of
) o of the broken  conductors
-5C°  line deviation ) _
conductor - Self-weight of the insulators
and tower
- Weight of the ice-covered
) No load due to
Opposite conductors with opposite weight
_ small angle of No load
Lift,-5C o span in back and fore of the
line deviation
tower
No load due to - Weight of the ice-covered
Uplift, -5 C small angle of No load conductors with uplift weight

line deviation

span

27



L N L

1 S ZNY N VAN,

B S S A, AL

\ \[

[
k — r\‘\_"lb‘ A/

SRR SRR

X
S VIS AL

)

VA

A AT BT
ISR SIS IASA Y

= SPSNNA S 7Y

\J

Figure 3.6. Conductor break loading cases used for suspension towers
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Figure 3.7. Conductor break loading cases used for tension towers

Design loads in the specified loading cases are described as (1) self-weight of the

line components, (2) ice loads on conductors, (3) wind loads on conductors,

insulators, and tower members, and (4) tension loads due to conductor break.

Additionally, a 0.98 kN (100 kgf) of maintenance load in conductor attachment joints

, 2008).

is to be included in loading cases (TEDAS
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Wind force that is expected to act on the surface of the energy line components can
be computed by using the equation shown in Egn. (3.1). In this equation, W is the
horizontal wind force, ¢ is dynamic wind pressure coefficient, q is dynamic wind
pressure, and A is the wind-affected area of a conductor, insulator, or tower member.
Recommended values of these parameters are specified in the TEDAS design
document based on the power line properties. For conductors with no ice, the wind-
affected area (A) is simply determined as the wind span multiplied by the diameter
of the conductor.

W=c-q-A (3.2)
q =V?/16 (3.2)

Dynamic wind pressure coefficient (c) depends on the shape, size, and horizontal
characteristics of a component under the effect of wind. The value of q is given as
2.8 for tower members and 1.1 for conductors with a diameter between 12.5 mm and
15.8 mm. In addition, dynamic wind pressure (q) is specified as 0.52 kN/m? (53
kgf/m?) for conductors and 0.69 kN/m? (70 kgf/m?) for tower members and insulators
located at an elevation between 15 m and 40 m. Relation between dynamic wind
pressure (q) and wind speed (V) is given by Eqn. (3.2). Based on this relation, the
0.52 kN/m? wind pressure corresponds to a wind speed of 128 km/h on conductors

by taking into account the safety factor of 1.5.

Ice loading on unit length of the conductor (Pb) is calculated as shown in Eqgn. (3.3).
In this equation, d is the conductor diameter and k has a value of 0, 0.2, 0.3, 0.5, or
1.2 depending on the geographic location of the tower specified in ice load map of
Turkey (Figure 3.8). The investigated towers are located in ice region Il with a
corresponding k value of 0.3. Once the weight of ice accumulation per unit length of
conductor is determined the total vertical force on the tower due to conductor and
ice weight (Wc) can be calculated by making use of Eqn. (3.4). In this equation P is

the self-weight per unit length of the conductors.
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Figure 3.8. Ice load map of Turkey (TEDAS, 2008)

Pb=k-Vd (3.3)
Wc =ag.(Pb+P) (3.4)
db = (d? + 2122 .Pb)°5 (3.5)

In Eqn. (3.5) relation between ice loading on unit length of conductors (Pb) and
diameter of ice-covered conductor (db) is represented. This relation is based on a
unit weight of 5.89 kN/m? for unit weight of ice forming around the conductor.
Considering the location and altitude of the investigated towers, the design ice load
was calculated to be 10.5 N/m (1.07 kgf/m), which corresponds to a 23.5 mm thick
ice cover around the 3/0 AWG conductor by taking into account the safety factor of
1.5.

Figures 3.9 and 3.10 respectively show the calculated external loads (without the 1.5
safety factor) for each loading case in a suspension tower (tower No. 112) and
tension tower (tower No. 119). In conductor break loading case, only top conductor
break (TCB) condition (i.e., one of the top conductors in the suspension tower and
top two conductors in the tension tower) is illustrated as an example. It should be
noted that wind loading acting on tower members is not included in the load trees
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shown in Figure 3.9 and 3.10 for the sake of clarity. In structural models of the
towers, wind loading acting on tower members was applied to each joint based on

the tributary lengths.
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Transverse Wind Longitudinal Wind Conductor
with No Ice with No ice Break

Figure 3.9. Loading cases and calculated loads (kN) on tower No0.112 (RU-4 type

tower)

Analysis results for the investigated suspension and tension towers are presented
respectively in Table 3.6 and 3.7. In these tables, the maximum value of the
calculated capacity ratios for every member in each tower are given with the

elevation of the corresponding member along the tower height.

The capacity ratio results of the investigated suspension towers indicate that axial
forces in members are significantly below the expected capacity of the corresponding
members under longitudinal wind with no ice and conductor break loading cases. On

the other hand, considerably high capacity ratios, which are between 80%-98%, were
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calculated under transverse wind with no ice loading case. Moreover, under this
loading case, the locations of the members with the maximum capacity ratio
correspond to the locations where the leg member’s cross section changes from
L60x6 to L50x5. This observation is valid for all of the investigated suspension
towers. For the leg members, buckling limit state was observed to be the governing
mode. Therefore, a stronger wind can cause leg buckling in these towers under
transverse wind with no ice loading case. Another observation that is valid in the
results presented in Table 3.6 is that members in the cage and crossarm parts of the
towers have relatively high capacity ratios under the conductor break loading case.
In this loading case, the governing limit states were bolt bearing and buckling of the

members.
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Figure 3.10. Loading cases and calculated loads (kN) on tower No. 119 (DU+0

type tower)
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Table 3.6 Maximum member capacity ratios obtained for suspension towers

Loading Cases

Transverse Wind  Longitudinal Wind
Conductor Break*

Tower with No lce* with No lce*
100 0.81 (11 m) 0.36 (1 m) 0.58 (16.8 m)
101 0.87 (7.1 m) 0.44 (0.5 m) 0.63 (21.7 m)
105 0.97 (17 m) 0.46 (0.5 m) 0.61 (25.7 m)
106 0.98 (17 m) 0.47 (0.5m) 0.61 (25.7 m)
107 0.90 (3.1 m) 0.39 (3.1 m) 0.72 (18.1 m)
108 0.83 (5.1 m) 0.40 (1 m) 0.62 (19.7 m)
109 0.88 (4.1 m) 0.46 (0.5 m) 0.62 (25.7 m)
112 0.90 (3.1 m) 0.39 (3.1 m) 0.73 (18.2 m)
113 0.85(2.1m) 0.46 (0.5 m) 0.61 (23.7 m)
114 0.87 (7.1 m) 0.43 (0.5 m) 0.63 (21.7 m)
118 0.89 (5.1 m) 0.40 (1 m) 0.62 (19.7 m)
120 0.87 (5.1 m) 0.40 (1 m) 0.62 (19.7 m)
121 0.87 (5.1 m) 0.39 (1 m) 0.62 (19.7 m)
123 0.96 (11 m) 0.40 (1 m) 0.62 (19.7 m)
124 0.88 (13 m) 0.44 (0.5m) 0.63 (21.7 m)
125 0.93 (2 m) 0.46 (0.5 m) 0.61 (23.7 m)
129 0.79 (5.1 m) 0.40 (1 m) 0.61 (19.7 m)
130 0.80 (5.1 m) 0.40 (1 m) 0.62 (19.7 m)

*Numbers in parenthesis indicate the elevation of the member producing the

maximum capacity ratio
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Table 3.7 Maximum capacity ratios obtained for tension towers

Loading Cases

Transverse )
Unbalanced _ ) Conductor Opposite )
Tower ] Wind with ] Uplift*
Loading* Break* Lift*
No lce*

115 081(1m) 084(18m) 066(2m) 0.13(185m) 0.25(20m)
119 0.76(3.5m) 0.69(16m) 0.56(1m) 0.10(20.8m) 0.07 (18.5m)
128 0.77(35m) 0.69(16m) 051(1m) 0.10(21.3m) 0.13(18.5m)

*Numbers in parenthesis indicate the elevation of the member producing the

maximum capacity ratio

The tension tower member capacity ratios presented in Table 3.7 indicate that the
maximum demand occurs under the unbalanced loading and transverse wind with no
ice loading cases. Under these loading cases, the governing limit states for tower
members were observed to be buckling and net section yielding. In general, the
tension towers possess smaller capacity ratios than the suspension towers, indicating

a higher safety level for the investigated tension towers.

The applicable loading cases with the specified design level loads produced capacity
ratios that are all less than 1.0, indicating that the towers possess the safety level
intended by the related design documents. Although structural design of the towers
was verified based on the assumed design loads and loading cases, the failures
occurred on January 16th, 2019, indicate that the towers were subjected to higher
levels of loading. Therefore, response of the towers should be further studied by
utilizing the actual loading conditions that may have occurred on the day of the

incident.
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3.3.3 Analysis of Towers under Failure Condition

3.3.3.1 Material Tests

Material tests are frequently used in validation studies for the failure investigation of
structures since the analytical solutions may not represent the in-place material
properties. In order to guarantee accurate modeling of failure condition for the
investigated towers, two series of tensile loading tests were conducted on samples
taken from the investigated line. The first of these tests was conducted on a piece of
3/0 AWG conductor. This type of conductor is formed by six aluminum wires that
are wrapped around a central steel wire. Tensile loading tests were conducted on
these steel and aluminum wires using the setup shown in Figure 3.11. Based on the
results obtained from these tests the ultimate tensile capacity of the conductor was
determined to be 36.19 kN. This measured strength is 22% higher than the nominal
ultimate tension capacity of 29.72 kN specified in TEDAS Technical Manual on
Design of Distribution Lines (TEDAS, 2000).

Figure 3.11. Tensile testing of conductor steel and aluminum wires
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The second series of material tests were conducted on coupon samples extracted
from two L40x4 and one L70x7 steel angle profiles that were taken from the failed
towers. It should be noted that even though taken from failed towers, the angle
profiles themselves were virtually undamaged. Six coupon samples were tested as
part of this series. Details of the tests are shown in Figure 3.12. Complete stress-
strain curves obtained from these tests are given in Figure 3.13 with the yield and
ultimate tensile strength values tabulated in Table 3.8. The average yield and tensile
strengths were determined to be 310 MPa and 440 MPa, respectively. As mentioned
earlier, the investigated towers were designed based on St37 steel class. The
minimum specified yield and tensile strengths for this class of steel are 240 MPa and
370 MPa, respectively. Based on these values, it can be concluded that the
investigated towers were constructed out of a steel class that is higher than the St37

class assumed in design.

Figure 3.12. Tension testing of steel coupon samples: (a) sample in the testing

machine; (b) coupon samples extracted from the steel angle section; (c) tested

coupon samples
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Figure 3.13. Stress-strain curves of the test specimens

Table 3.8 Material properties of the specimens

Tensile Yield Stress Ultimate Stress
Specimens (MPa) (Mpa)
SP.1 (L40x4, RU) 320 445
SP.2 (L40x4, RU) 310 455
SP.3 (L40x4, SU) 320 425
SP.4 (L40x4, SU) 315 420
SP.5 (L70x4, RU) 285 445
SP.6 (L70x4, RU) 300 455
Average value 310 440

Experimentally determined yield and tensile strengths were used for determination
the member axial load capacities in the towers as part of the failure condition

analyses explained in the following sections.
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3.3.3.2 Failure Condition Loads

As part of the failure investigation of the towers, the actual loading conditions that
the towers were likely to experience on the day of the incident were predicted based
on meteorological data. As mentioned earlier, this data (Figure 3.1) indicates wind
speeds of as much as 60 km/h together with the temperatures as low as -15°C. In
addition, heavy snowfall and significant ice accumulation on the conductors were

reported at several locations along the investigated power distribution line.

The presence of high wind, precipitation, and low temperature altogether during the
day of the incident requires the consideration of a loading case that represents the ice
and wind interaction (IWI) in the failure condition analyses. Although IWI loading
case is accounted for in the design of transmission towers, it is not considered as a
design load condition for distribution towers (TEDAS, 2008).

In this study, the IWI loading case, as shown in Table 3.9, was included in the failure
condition analyses. Based on the meteorological data, two wind speeds of 50 km/h
and 60 km/h were considered in the failure condition analyses under the IWI loading
case. Wind loads were determined using Eqgn. (3.1) by calculating dynamic wind
pressure (q) for 50 km/h and 60 km/h wind speed according to Eqgn. (3.2). Dynamic
wind pressure coefficient (c) was adopted as 1.0 based on TEIAS technical
document. Wind loads acting on the conductors were determined by considering the
wind area of the ice-covered conductors, which is equal to wind span (aw) for the
investigated tower multiplied by the total diameter of the ice-covered conductor.
Therefore, the actual thickness of the ice sleeve that formed around the conductor
prior to the failure of the towers has to be determined accurately for the failure

condition analyses.

The conductor break loading case specified in TEDAS Technical Specification
considers the horizontal load on the tower in terms of the maximum design force of
the conductor. Based on TEDAS Technical Manual on Design of Distribution Lines
(TEDAS, 2000) the maximum design force for the conductor type used in the
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investigated line (i.e., 3/0 AWG (Pigeon) type conductor) is 10.71 kN. This value

corresponds to 36% of the nominal ultimate tension capacity of the conductor

(Fu=29.72 kN). Load testing conducted on the conductor sample taken from the

failed line however indicated an ultimate tensile capacity of 36.19 kN. Occurrence

of a conductor break in a line can be considered as an indication that the tensile force

in the conductor reached the ultimate tensile capacity. For this reason, for the failure

condition analyses under IWI and conductor break loading cases, the force in the

conductor just before the collapse of the investigated towers was considered to be

equal to the experimentally determined ultimate tensile capacity of the 3/0 AWG

(Pigeon) type conductor.

Table 3.9 Loading cases for failure condition analysis

_ Longitudinal )
Loading Case Transverse Loads Vertical Loads
Loads
- Wind loads on ice-
covered conductors - Weight of the ice
Ice and Wind - Wind loads on ice covered conductors
Interaction accumulated insulators No load - Self-weight of the

(IW1), -15 C° - Wind loads on ice

accumulated tower

insulators and tower

- Maintenance load

members
- 2/3 of weight of the
ice-covered broken
- 1/3 of tensile  conductor
Conductor capacity of the - Weight of ice-covered
No load
Break, -15 C° broken other conductors

conductor

- Self-weight of the
insulators and tower

- Maintenance load
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The actual ice loading on conductors with the temperature of -15°C were also
determined by considering the condition that the tensile force in the ice-covered
conductor is equal to the experimentally determined ultimate tensile capacity of
36.19 kN. The ice load and the corresponding ice thickness determined this way are
given in Table 3.10. As evident the actual ice load and ice thickness values are
significantly larger than the design ice load of 10.5 N/m and the corresponding ice
thickness of 23.5 mm. This is an indication that the broken conductors in the
investigated line were subjected to loading levels that are significantly beyond the
design load levels. The weight of ice-covered conductors, and transverse wind loads
shown in Table 3.10 act on the corresponding tower at each end of crossarms, where

conductors are attached.

Table 3.10 Failure condition loads

Weight of 50 km/h wind 60 km/h wind
Ice-Covered on Ice Covered on Ice Covered

Ice Ice
Tower Load Thickness

Nm) () Conductors  Conductors, Conductors

(kN) (kN) (kN)
100 89.86 63.6 71.11 21.77 31.35
101  60.77 51.3 90.16 18.59 26.77
105 58.15 50.1 95.04 20.83 30.01
106  55.76 48.9 99.20 20.80 29.96
107 63.92 56.8 85.76 21.24 30.60
108  67.05 54.2 82.44 17.92 25.82
109 61.18 51.5 89.52 18.61 26.80
112 61.62 51.7 88.84 19.79 28.50
113  58.12 50.0 95.13 16.82 24.23
114 71.89 56.3 78.62 19.89 28.64
115 52.73 47.4 112.15 23.13 33.32
118 61.72 51.5 112.59 19.05 27.44
119 65.21 53.3 84.29 19.20 27.66
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Table 3.10 (cont’d) Failure condition loads

Weight of 50 km/h. Wind 60 km/h. Wind

Ice Ice
) Ice-Covered on Ice Covered on Ice Covered
Tower Load Thickness
Conductors Conductors, Conductors
(N/m)  (mm)

(kN) (kN) (kN)
120 63.99 52.8 85.69 18.90 27.22
121 71.23 56.0 79.08 19.80 28.51
123 63.85 52.7 85.92 21.61 31.12
124 79.52 59.5 74.56 21.19 30.51
125 58.27 50.1 94.81 19.69 28.36
128 61.34 51.6 89.26 14.93 2151
129 58.88 50.4 93.54 15.76 22.70
130 69.25 55.1 80.54 17.43 25.10

3.3.3.3  Failure Condition Analysis Results

The towers were analyzed under the ice and wind loads determined using the
procedure explained in the previous sections in accordance with the IWI and
conductor break loading cases. Similar to the assessment under design level loads,
the maximum axial load in the tower members were compared with the axial load
capacity of the members determined according to ASCE 10-15 (2015).

The maximum member capacity ratios determined this way are presented in Table
3.11, along with the observed damage on towers and conductors. The three
conditions considered for the conductor break loading case are top conductor break
(TCB), middle conductor break (MCB), and bottom conductor break (BCB). Only
the towers with reported conductor break were analyzed under the conductor break
loading case. On the other hand, the IWI loading case was applied to all of the

investigated towers.
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Table 3.11 Failure condition analysis results

Field Reports Member Capacity Ratio from Analyses
Tower Damage Status Conductor Break* IWI*
Tower Conductor BCB MCB TCB 50km/h 60 km/h

100 X X X X X 0.84 1.12
101 X X X X X 0.81 1.04
105 Cage Broken <0.75 1.06 1.13 0.88 1.15
106 Cage Broken 0.78 1.08 1.19 0.89 1.16
107 Legs Broken <0.75 1.11 1.16 0.86 1.14
108 Legs Broken <0.75 1.07 1.17 <0.75 1.01
109 Cage Broken <0.75 1.07 1.35 <0.75 1.05
112 X X X X X <0.75 1.04
113 X X X X X 0.79 0.98
114 X X X X X 0.81 1.07
115 X X X X X <0.50 <0.75
118 X Broken <0.75 1.09 1.32 0.82 1.06
119 X X X X X <0.75 <0.75
120 Legs X X X X 0.80 1.04
121 Legs X X X X 0.81 1.07
123 Legs X X X X 0.88 1.16
124 X X X X X 0.83 1.11
125 X X X X X 0.85 1.10
128 X X X X X <0.75 <0.75
129 X X X X X <0.75 0.94
130 X X X X X <0.75 0.97

* Bold numbers indicate cases where member capacity ratio exceeds 1.0

Analyses with the actual material properties and loading indicate no failure for
tension towers. Similarly, for suspension towers the analyses indicate no failure
under the BCB loading case and IWI loading case with 50 km/h wind. All of the

42



towers investigated under MCB and TCB loading cases experienced a maximum
member capacity ratio greater than 1.0, indicating at least one member failure. These

numerically predicted failures are in agreement with the field observations.

In suspension towers analyzed under conductor break loading case, some of the
members were observed to be overloaded. Furthermore, results indicate that the
critical members are located between the middle and upper crossarms in TCB load
case, and between middle and lower crossarms in MCB loading case. In these cases,
tower failure occurred due to bolt bearing of the horizontal and brace members in
cage part of the towers. For a representation of the general behavior, analysis results
from MCB and TCB loading cases are compared with the observed damage for tower
No0.106 in Figure 3.14. As evident, the predicted damage as a result of conductor

break is consistent with the actual damage observed in the field.
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Figure 3.14. Results for tower No.106: (a) damage observed in the field; (b)

member capacity ratios in MCB loading case; (c) member capacity ratios in TCB

loading case
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As evident in Table 3.11, member overloading occurred in some of the suspension
towers in the IWI loading case with 60 km/h wind. Analysis models for some of
these towers are shown in Figure 3.15. As evident in figures, the overloaded leg
members are located at the location where member cross-section changes. The

governing limit state for these leg members is buckling under compressive axial load.

No.107 No.108 No.120 No.121 No.123
Figure 3.15. Member capacity ratios obtained under IWI loading case with 60 km/h
wind
Based on the results presented above, it can be concluded that excessive ice
accumulation was the main cause of the investigated tower failures. Ice weights
determined based on the measured conductor tensile capacity are 3.4-5.7 times what
is specified by the design documents. As a result, thickness of the ice layer
accumulated around the conductors increases significantly compared to the design

assumption of 23.5 mm. Effects of the ice accumulation on tower loading are
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twofold. Increased weight of the conductors due to ice accumulation imposes
additional vertical loading at crossarm ends. Ice accumulation around conductors
also increases the wind area and leads to larger horizontal loading to be imposed on
towers. This latter effect can cause tower failure even at relatively mild wind speeds.
For example, the design wind speed of 128 km/h with no ice condition, as specified
by the TEDAS design specification, is safer than the ice+wind loading case with 60
km/h wind speed for the investigated towers.
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CHAPTER 4

NONLINEAR ANALYSIS OF TOWERS

4.1  Background and Objective

Investigation of linear analysis results provided useful insights on identifying the
failure of Tufanbeyli towers. Although the linear analysis that is based on ASCE10-
15 (2015) design standards clarified the failed members in the structures, it did not
produce sufficient knowledge to make a definite conclusion on the progression of
damage within towers. A nonlinear analysis is incorporating nonlinear material and
geometric effects is required in order to identify the mechanism leading to failure of

the towers.

In a linear elastic analysis, it is assumed that the deformation is very small, there are
no topological changes, the material stress-strain relationship is linearly described
by Hooke’s law and thus stiffness of the structure is constant during the loading
process (Rao and Kalyanaraman, 2001). With this type of modelling approach, it is
assumed that the applied load and the resulting deflections are linearly dependent to

each other in equilibrium equations.

An illustration of a generic force-displacement relationships for a linear and
nonlinear analysis is shown in Figure 4.1. For the nonlinear analysis force-
deformation slope starts to decrease with the initiation of material and/or geometric
nonlinearity, while the slope is always constant in the linear analysis. In this type of
behavior force-deformation curve often referred to as failure path.

In structural analysis, nonlinearity is mostly considered as being related to two main
effects which are material and geometrical nonlinearities (Alam, 1993; Al-Bermani
and Kitipornchai, 1992). Geometrical nonlinearity, which usually occurs due to large

deformation of the structure and P-Delta effects, results in changes in the stiffness
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matrix of the structure. In this case, the equilibrium equations are formed considering
the deformed geometry. On the other hand, material nonlinearity is associated with
the changes in the slope of the material-stress-strain response at a given instant. The
steel material used in power distribution tower structures behaves linearly at low
strain values, but at higher strains once the yield limit is reached under loading the
slope of the stress-strain response decrease gradually.

—— Linear Analyses —— Nonlinear Analyses

A

Force

>

Deformation
Figure 4.1. Generic linear and nonlinear force-deformation relationships

A static nonlinear analysis procedure was adopted to further study the response of
the investigated towers within the post-elastic response region. For this purpose, a
set of displacement-controlled pushover analyses with lumped plastic hinges was
conducted by using the SAP2000 structural analysis program. Three suspension
towers (N0.106, No0.107 and No0.108) located within the investigated power
distribution line were selected for the nonlinear analysis. These towers were among
those reported to collapse during the January 2019 ice storm and were visually
inspected during the site visit as mentioned in Chapter 3.2. Therefore, a reliable
comparison and evaluation can be possible between the nonlinear analysis results of

the towers and site observations.

In nonlinear analysis, failure condition loads were considered for the selected towers
and the results from these analyses were compared with site observations as well as

the linear design approach. As discussed in Chapter 3, failure condition loads were
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induced on towers by excessive icing on conductors and wind loads acting on the
distribution line components. In this regard, two sets of nonlinear loading cases were
determined for the nonlinear pushover analyses, which were ice and wind interaction

(IWI1) loading case and middle conductor break (MCB) loading case.

4.1.1 Pushover Analysis

Pushover analysis has become a useful procedure for the evaluation of expected
performance of structural systems by estimating the capacity present within the
system considering the progression of damage. This type of analysis can provide
significant insights about potential weaknesses of the structural system, which
cannot be obtained by linear elastic analysis (Edgar and Sordo, 2017; Mara and
Hong, 2013; Tapia-Hernandez et al., 2017).

Pushover analysis involves application of monotonically increasing patterns of loads
to the structure up to a predetermined value or state. Potential sources of
nonlinearities within the structural systems are reflected in the analysis model and
the loading is applied sequentially in a step-by-step fashion. At each step a nonlinear
static analysis is conducted and the response of the structure at the end of each load
increment is evaluated. This type of iterative analysis is continued until the target
displacement or force is reached, and the progression of damage within the structural
system is monitored. In this way strength and ductility properties and more
importantly, the change in the overall load-carrying capability of the structure can

be determined.

In the pushover analysis of the investigated towers, the two sets of nonlinear loading
cases applied were (1) ice and wind interaction (IWI) loading case and (2) middle
conductor break (MCB) loading case. The IWI loading case includes the actual wind
load acting on the towers and ice-covered conductors. The meteorological data of
the failure day, given in Figure 3.1, reveals a maximum wind speed of approximately
60 km/h. Based on this observation, the 60 km/h wind speed was used for the IWI
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loading case. The MCB loading case considers breaking of the conductor attached
to the middle cross arm of the towers. The fact that the damage on the failed towers
was localized in the region between the lower and middle cross arms indicates
breaking of the middle conductor in the field (Figure 3.14). For this reason, only the

middle conductor break case was included in the numerical investigation.

As stated earlier, No.107 and No.108 towers suffered from buckling of leg members
and No.106 tower failed due to conductor break condition. In pushover analysis, both
IWI and MCB loading cases were applied on all three towers in an attempt to provide
a comparison between the numerically predicted and observed failure patterns under

these two loading cases.

Pushover analysis was conducted in two stages for each loading case. The first stage
can be defined as service stage, and it was considered that only gravity loads are
acting on the tower. The vertical loading considered in the first stage were weight of
the ice accumulated conductors, weight of the insulators and self-weight of the tower.
Second stage of the analysis includes the pushover loading. In this stage, lateral and
vertical loads induced by conductor break condition were introduced to MCB
loading case and lateral wind loads were introduced to IWI loading case. In this two-
stage analysis procedure the condition of the tower obtained at the end of the first
stage (including the stiffness matrix, member forces, and deformations) was used as

the initial condition for the subsequent nonlinear analysis in the second stage.

In the first stage of pushover analysis, force-controlled method was adopted since
the structure was expected to remain in the elastic range of behavior under vertical
loads applied in this stage. In the second stage, however, the analysis was run as
displacement-controlled in order to accurately capture the inelastic response of

towers including stiffness degradation and strength deterioration.

In principle, any joint can be chosen for monitoring target displacement in a pushover
analysis. The joints and degrees of freedom used for monitoring the progression of
the analysis in MCB and IWI loading cases are demonstrated in Figure 4.2. Joint

171, which was located at the left end of the middle cross arm, was chosen for MCB
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loading case. Displacement of this joint in the direction parallel to the line was
monitored during the analysis, because this was the main deformation mode expected
to occur under the broken conductor loading. For the IWI loading case, on the other
hand, the main deformation mode was in the direction perpendicular to the line. For
this reason, displacement at the tip of the top cross arm in the direction perpendicular

to the line (i.e., at joint 165) was monitored for the IWI loading case.

Joint 165

/ Joint 171 |

For IWI loading case For MCB loading case
Figure 4.2. Monitored joints and degrees of freedom for IWI and MCB loading
cases

4.1.2 Modeling of Plastic Hinges

In static nonlinear analysis, representation of the expected force-deformation relation
of individual members is one of the key steps to achieve reliable structural response.
Using localized plastic hinges is one of the approaches commonly used for this
purpose. The plastic hinges are supposed to represent the nonlinear material
properties and any other sources of inelastic response of the corresponding member.
The load capacity of individual members that are part of a truss system is governed
by a series of limit states, such as buckling, yielding over net cross-sectional area,
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bolt bearing, and bolt shear. Which one of these limit states will govern the load
capacity depends on the geometry of the member as well as the details used at the

connection region.

In the towers investigated in the current study, plastic hinge properties for the
members were calculated according to FEMA356 (FEMA, 2000), which provides
extensive recommendations for the load-deformation modeling of individual
elements. A generalized force-deformation hinge model specified by FEMA 356 is
shown in Figure 4.3. The load Q and total displacement A are normalized by limit
load Qy, and limit deformation Ay respectively in generalized hinge curve. The post-
yield response is defined by parameters a, b, and c, for which the numerical values
are provided in FEMA 356. Five points (A-E) are marked on the force-deformation

curve, based on the parameters a, b, and c.
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Figure 4.3. Generalized hinge curve for steel members (FEMA, 2000)

As illustrated in Figure 1.3 (a), transmission/distribution line towers consist of leg
members, brace members and horizontal members. During structural design it is
traditionally assumed that no moment transfer occurs through the connections used
at the ends of structural members. Therefore, no moment is present in the members,
and the design is usually based on the pure axially loaded member assumption (Da
Silva et al., 2005). On the other hand, leg members are connected to each other with

splice connections and they can carry small moments in addition to axial
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compression and tension loads. Even though some moments are always present in
leg members of existing towers, they are generally neglected when evaluating the
behavior of the structures (Alam, 1993; Jiang et al., 2011). In structural analysis,
external loads acting on the towers are applied to joints only and not in between
joints along the members. Thus, no bending is expected to develop in the members.
Moreover, it is usually assumed that a well detailed lattice tower does not have
excessive eccentricities at the connections and therefore does not have significant

bending moments in the members.

Based on the axially loaded member assumption, axial type plastic hinges in the form
of load-deformation response were provided at middle length of all structural
members in the analysis models. As discussed earlier, the load capacity of tower
members is governed by a series of limit states depending on the geometry of the
member. Therefore, different set of hinge properties should be defined for each frame
member for nonlinear analyses. Plastic hinge properties used for each member in
No0.106 tower is presented in Appendix C, together with computed load capacities

for all applicable limit states.

Axial hinges used for the members in the investigated towers were grouped as Type-
I, Type-Il, and Type-Il, as shown in Figure 4.4 to Figure 4.6. These hinge properties
were assigned to the built-in zero-length elements that are located at the center of
each structural member in the investigated towers. As evident, the axial hinges used

for the members have different behavior in tension and compression.
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Type-I hinge was considered for leg members. For compression case, the failure
mode is buckling instability of leg members. The load capacity Qy in tension is
dictated by net section yielding at member ends. The load capacity Qu in tension is
dictated by the most unfavorable limit state of net section rupture, bolt bearing, or
bolt shear. This means that tension response of the plastic hinge changes according
to the section type of steel members. In the investigated towers, the load capacity Qu
in tension of leg members is governed by net section rupture limit for L50x5 and
L60x6 cross sections, while bolt bearing is the governing limit state for L65x7 and
L70x7 cross sections. For this reason, for Type-I hinge shown, in Figure 4.4, the
value of Qu/Qy is taken as 1.15 for L70x7, 1.28 for L65x7, and 1.42 for L50x5 and
L60x6 cross sections.

Bolt bearing limit state governs the load capacity of horizontal members and most of
the brace members for both tension and compression cases. This type of behavior
was modeled by Type-lIl hinge. As the characteristic structural behavior is
represented by bolt bearing limit state, a yield plateau is formed in the hinge curve

after the yield load is achieved.

Type-111 hinge was used to represent the nonlinear behavior of slender brace
members. Brace members located near tower base possess larger slenderness than
those located in upper parts of towers. This is mainly due to the overall geometry of
the towers, where the horizontal distance between neighboring leg members
decreases with increasing elevation. Therefore, for brace members located near
tower base the predominant limit state under compression is buckling limit state. In
addition, bolt bearing limit state governs the load capacity of the brace members for

tension case.
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4.2 Nonlinear Performance of the Towers

4.2.1 Ice and Wind Interaction (IWI1) Load Case

Three sets of pushover analyses under IWI loading case was performed for No.106,
No0.107, and No.108 towers and the corresponding lateral load versus displacement
curves (NL-GH) were determined, as shown in Figure 4.7, 4.9, and 4.11. The load
values in these plots represent the total wind load acting on the tower, while the
displacement values represent the lateral displacement of Joint-165 shown in Figure
4.2. In each plot, the curve labelled as NL-GH indicates the case where both material
and geometric nonlinearities were considered in the analysis. the curve labelled as
NL-H, on the other hand, indicates the case where only material nonlinearity was
present in the analysis. Linear response of the tower is represented by the line
labelled as LA.

Several points are marked on the nonlinear load-displacement curves in order to
illustrate the progression of damage on the towers under pushover loading. The
extent of damage in terms of the formation of plastic hinging in individual members
at these points are shown in Figure 4.8, 4.10, and 4.12, respectively for towers
No0.106, No0.107, and No.108. The percentage of applied load and the corresponding
deformed shapes are given in the figures. Members that suffer damage in each tower
at the end of the analysis are also indicated in the figures, with “L” indicating leg

members and “B” indicating brace members.

According to pushover curves, it is seen that the linear behavior is valid until the
formation of the first hinging in a leg member, which corresponds to buckling of this
member. This damage results in a decrease in the lateral stiffness of towers. The
load-carrying ability of the towers continues to increase until the formation of
hinging in multiple members. After the ultimate capacity is reached, the towers
cannot tolerate the load redistribution of failed members and total collapse occurs

suddenly.
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Figure 4.7. Load-displacement response of Tower No.106 under IWI loading case
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Figures 4.7 to Figure 4.12 reveal that, in all three investigated towers the first hinging
appeared in L283 leg member due to buckling. This leg member is located where the
L60x6 cross section changes to L50x5 along the tower height. In addition to L283,
L394 leg member and B612 brace member, which are located between middle and
bottom crossarm, also buckled after the ultimate capacity is reached. In No.106 and
No.107 towers, L394 leg member reached its buckling capacity before the buckling
of B612 brace member. Also, in N0.106 tower an additional brace member, B618
reached its buckling limit prior to collapse. No failed horizontal members were

observed in the towers under the IWI loading case.

The load-carrying capacity of the towers under IWI loading case represents the
maximum wind load that can be carried by the towers before the total failure occur,
since the pushover load simulates the transverse wind loads on the conductors,
insulators, and tower body. In this regard, it can be stated that wind speeds
corresponding the total collapse are 52.5 km/h, 54.5 km/h and 57.0 km/h for No.106,
No0.107, and No.108 towers, respectively according to Eqgn. (3.2).

A comparison of the three capacity curves obtained from pushover analysis of each
tower indicates that the tower response with no geometric nonlinearity effect follows
the linear load-displacement behavior up to the initiation of first hinging. As evident
in the plots, presence of geometric nonlinearity in the analysis resulted in a decrease
in stiffness of the towers. In pushover curves of NL-GH under IWI1 loading case, the
elastic stiffness is decreased up to the initiation of first hinging by 8.0%, 6.6%, and
8.3% in the transverse direction for No0.106, No0.107, and No0.108 towers,

respectively.

The load-carrying capacities of N0.106, N0.107, and No0.108 towers from linear and
nonlinear analyses under IWI loading case are summarized in Table 4.1. The linear
load capacities were determined by considering the first occurrence of member
overloading within the towers, while the nonlinear load capacities correspond to the
collapse condition. It should be noted that both geometric and material effects were

considered in nonlinear analyses.
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A nonlinear geometry usually results in larger deformations and member forces,
which expedite the failure of towers. Material nonlinearity, on the other hand, allows
the formation of plastic hinging in multiple members before the total collapse of
towers. During this damage progression stage, the towers still possess a load resisting
ability, even though it is usually small. As discussed earlier, in the nonlinear analysis
conducted under IWI loading case towers exhibit very limited ductility and suffered
from a sudden collapse. As a result of such nonductile response, limited damage
progression occurred within the towers prior to collapse. In this case, the detrimental
effect of geometric nonlinearity became more dominant and the load capacities
determined form nonlinear analysis remained below the elastic capacities. The
values presented in Table 4.1 represent 7.9%, 3.5%, and 4.1% reduction in load
capacities, respectively for N0.106, N0.107, and No0.108 towers. A slight increase in
displacement values from nonlinear analysis compared to the linear case is also valid

for all three towers.

Table 4.1 Load-carrying capacities and ultimate displacements under IWI loading

case
Linear Analysis (LA) Nonlinear Analysis (NL-GH)
Tower Load capacity Displacement Load capacity Displacement
(kN) (mm) (kN) (mm)
106 29.1 349.1 26.8 353.9
107 28.6 200.5 27.6 212.1
108 29.5 239.2 28.4 255.0

Analysis results indicate that all three towers collapsed due to buckling of the same
members. Therefore, similar failure mechanisms and load-carrying capacities were
determined for the towers as shown in Figure 4.13. The displacements in the
direction perpendicular to the power line (i.e., direction parallel to crossarms)
represents a measure of the tower stiffness. The difference between the lateral

stiffness of the towers is due to the length of the towers being different. As presented
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in Table 3.3, these towers are of the same type but differ from each other according

to their geometrical configuration and height.
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Figure 4.13. Pushover curves of the towers under IWI loading case

4.2.2 Middle Conductor Break (MCB) Load Case

Results of the pushover analyses conducted on No0.106, No0.107, and No.108 towers
under MCB loading case are presented as the total lateral load in the line direction
(i.e., direction perpendicular to crossarms) versus the lateral displacement of Joint
171 (Figure 4.2).

Pushover curves of the failed towers are illustrated in Figure 4.14, Figure 4.16, and
Figure 4.18. Similar to the case for IWI loading case, three pushover curves are
provided for each tower: linear analysis (LA), analysis with only material
nonlinearity (NL-H), and analysis with material and geometric nonlinearity (NL-
GH). The progression of damage within each tower during analyses is presented in

Figures 4.15, 4.17, and 4.19. Members that underwent damage in each tower at the
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end of the analysis are indicated in the figures, with “L” indicating leg members, “B”

indicating brace members, and “H” indicating horizontal members.

Numerical results reveal that, the failure mode observed under MCB loading case is
different than the one observed under IWI loading case. As evident in the figures,
member failures are localized in the region between the lower and middle crossarm,
with no damage in body part of the towers. Another observation is that under MCB
loading case more hinges are observed to develop in the towers compared to IWI
loading case. The primary reason for the collapse of towers is buckling of L394 leg
member in tower No0.106 and buckling of B627 brace member in tower No.107. In
tower No0.108 the main mechanism that triggers the collapse is bolt bearing damage
of B631 brace member under compression.

In N0.106 tower, first hinging was developed due to buckling of H717 horizontal
member, which is located on middle crossarm, and then buckling of L394 leg
member, which is located between the lower and middle crossarms. As the applied
load increased, B631 brace member, which is located just below the middle
crossarm, developed hinging due to bolt bearing. The load-carrying ability of the
towers continues to increase until the formation of hinging in multiple members.
After the ultimate capacity is reached, total collapse occurred by strength loss on

L394 leg member.

In No.107 tower, even bolt bearing capacity was reached in B629 and B633 brace
members under tension forces, the tower failed due to buckling of B624 and B627

brace members. No leg member failures were observed in this tower.

Response of tower No.108 remained linear until B631 brace member reached its bolt
bearing capacity. After that B629 brace member and H717 horizontal member,
located in the middle of the cage, also developed hinging due to bolt bearing failure.
With further loading, L394 leg member reached its buckling capacity, and then B629
and B635 brace members underwent bolt bearing failure.
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Figure 4.15. Progression of damage in Tower No0.106 under MCB loading case

64




Tower No.107 (MCB)
—NL-GH —NL-H —LA

= =
N IS

[EY
o

Lateral Load (kN)
(0]
<

0 20 40 60 80 100 120 140
Displacement (mm)

Figure 4.16. Load-displacement response of Tower No.107 under MCB loading
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Figure 4.17. Progression of damage in Tower No0.107 under MCB loading case
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Figure 4.18. Load-displacement response of Tower No.108 under MCB loading
case
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Figure 4.19. Progression of damage in Tower No0.108 under MCB loading case
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It is interesting to note that N0.106 and No.107 towers showed very similar failure
paths, while considerable differences are observed in the response of No.108 tower.
The reason for this difference is related with the progression of failure in the towers.
For No.106 and No.107 towers member buckling occurred at the analysis step before
the total collapse condition, while for No.108 tower member damage at the same
analysis step includes bolt bearing deformation. This behavior provides a more
ductile failure mechanism compared to sudden collapse due to member buckling.
This type of ductile response of No0.108 tower compared to the other towers is also
evident in load-displacement plots presented in Figure 4.20. The relatively lower

stiffness of No.106 tower is due to this tower being longer than the others.
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Figure 4.20. Pushover curves of the towers under MCB loading case

As mentioned earlier for the IWI loading case, lateral stiffness of the towers
decreased with the inclusion of geometric nonlinearity in the analysis. Similar
observation is valid for the MCB loading case as well. In this loading case, the elastic
stiffness decreased up to the initiation of first hinging by 12.1%, 8.9% and 7.3% for
No0.106, N0.107 and No0.108 towers, respectively.

The load-carrying capacities of N0.106, N0.107, and No0.108 towers from linear and

nonlinear analyses under MCB loading case are summarized in Table 4.2. Nonlinear
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analysis considering both geometric and material effects predicted 11.1% and 11.7%
higher load capacities compared to linear analysis, respectively for No.106 and
No0.108 towers, while the same capacities were obtained for No.107 tower. The linear
load capacities were determined by considering the first occurrence of member
overloading within the towers. However, nonlinear analyses demonstrated that the
load-carrying ability of towers continues to increase until several members develop
plastic hinging. Formation of multiple hinging, on the other hand, results in
significant deformation within the towers, as evident in the displacement values
provided in Table 4.2. It was discussed earlier that IWI loading case resulted in
smaller load capacities from nonlinear analysis compared to the linear case. The
reason for such a behavior was the detrimental effect of geometric nonlinearity being
more pronounced than the favorable effect provided by ductile damage progression
within the tower system. Under MCB loading case, on the other hand, the latter effect
was more significant due to ductile response resulting from bolt bearing deformation

of tower members.

Table 4.2 Load-carrying capacities and ultimate displacements under MCB load case

Linear Analysis (LA) Nonlinear Analysis (NL-GH)
Tower Load capacity Displacement Load capacity Displacement
(kN) (mm) (kN) (mm)
106 10.8 149.1 12.0 195.2
107 11.6 99.6 11.6 119.7
108 111 109.3 12.4 294.5
4.2.3 Comparison of Numerically Predicted and Observed Failures

As mentioned earlier, site observations indicate that the overall failure of No.107 and
No0.108 towers is localized in leg members located in tower body, while for No.106
tower the overall failure location is between the lower and middle crossarms.

Numerical analyses demonstrate that these failure modes result from IWI loading
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case in No0.107 and No0.108 towers, and MCB loading case in N0.106 tower.
Comparison of the observed and predicted failures in each of the investigated towers
are presented in Figure 4.21, Figure 4.22, and Figure 4.23. Predicted total collapse
patterns of all three towers by nonlinear analyses agree well with the failure patterns
observed at the site.

Figure 4.22. Observed and predicted collapse of No.107 tower
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CHAPTER 5

CONCLUSIONS

Steel lattice towers are backbones in operation of power systems by providing the
essential supports to the conductors along the power transmission/distribution line.
Safety of these structures has a great significance in order to keep power systems
functioning properly. Despite their crucial function, these structures are susceptible
to damage and sometimes total collapse as a result of environmental overloading. In
this thesis, a detailed failure investigation on the recent collapse of 34.5 kV voltage
capacity distribution towers in Tufanbeyli district was conducted. The main focus of
the investigation was on revealing the root cause of the tower failures and

determining the safety levels of the remaining towers.

Due to the design and construction of the investigated towers dating back to the
1970s, it was deemed necessary to check the structural behavior of the towers under
design loads. In this context, towers were analyzed in order to evaluate the
compliance of their structural design according to the current design practice.
Loading cases as specified by the Technical Specification by Turkish Power
Distribution Agency (TEDAS, 2008) for suspension and tension towers were
considered to determine member forces. Member capacities were evaluated
following the regulations of ASCE10-15 (2015) and considering the nominal

material properties.

Failure condition analyses of the towers were conducted by considering the loading
cases of conductor break and ice with wind. Measured material capacities for tower
steel members and conductors were incorporated in these analyses in an attempt to
accurately simulate the actual conditions. The actual loading conditions that the
towers were likely to experience on the day of the incident were predicted based on

meteorological data. For the cases where conductor break was reported in the field,
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the force in the conductor just before the collapse of the investigated towers was
considered to be equal to the experimentally determined ultimate tensile capacity of
the conductors. The actual ice loading on conductors were also determined by
considering the condition that the tensile force in the ice-covered conductor is equal

to the experimentally determined ultimate tensile capacity of the conductors.

After the failure conditions of the towers were clarified, further studies were
performed with nonlinear analyses on three of the collapsed towers. For this purpose,
pushover analyses incorporating nonlinear material and geometric effects were
conducted and the progression of damage within the towers were determined under
the loading cases of conductor break and ice with wind. Failure modes predicted by
these nonlinear pushover analyses agreed well with the tower failure patterns

observed at the site.

Based on the results presented in this study, the following conclusions can be made

for the investigated towers:

e Numerical results obtained from linear analyses revealed that under design
level loads and the specified loading cases the towers possess the safety level
intended by the related design documents. Member axial forces in suspension
towers remained significantly below the expected capacity of the
corresponding members under longitudinal wind with no ice and conductor
break loading cases. On the other hand, considerably high capacity ratios,
were calculated under transverse wind with no ice loading case. Moreover,
under this loading case, the locations of the members with the maximum
capacity ratio correspond to the locations where the leg member’s cross
section changes from L60x6 to L50x5. For tension towers the maximum
demand occurs under the unbalanced loading and transverse wind with no ice
loading cases. Under these loading cases, the governing limit states for tower
members were observed to be buckling and net section yielding. In general,
the tension towers possess smaller capacity ratios than the suspension towers,

indicating a higher safety level for the investigated tension towers.
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e Failure condition analyses indicated the main cause of collapse of the
investigated towers to be excessive ice accumulation on conductors with 50-
60 km/h wind speed, which resulted in breakage of a conductor in some
towers. At the time of the incident ice weights determined based on the
measured conductor tensile capacity are 3.4-5.7 times what is specified by
the design documents. Increased weight of the conductors due to ice
accumulation imposes additional vertical loading at crossarm ends. Ice
accumulation around conductors also increases the wind area and leads to

larger horizontal loading to be imposed on towers.

e According to nonlinear pushover analyses, tower response under ice+wind
loading case is governed by deformation of leg members in the region where
leg member cross-section changes along the tower height. For conductor
break loading case the response is governed by both brace members and leg
members near crossarm locations. Failure is initiated either due to buckling

or bolt bearing in tower members.

e Bolt bearing failure provides a more ductile failure mechanism and resulted
in relatively large displacement capacity compared to sudden collapse due to

member buckling.

e Geometric nonlinearity has a marked effect on lateral stiffness of towers.
Reduction in stiffness is 6.6-8.3% and 7.3-12.1% under ice+wind and

conductor break loading cases, respectively.

e In design of steel lattice distribution towers, it is necessary to consider the
coexistence of wind and ice loading. The current Turkish design code cannot
represent the appropriate loading conditions that the towers underwent and
therefore, the design code has to be revised in order to include more realistic

loading cases.

In conclusion, to evaluate the performance of the failed towers, the actual loading

conditions should be considered. In this way, ultimate displacements of joints and
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the percentage of loading for collapse can be determined accurately. As evident by
results, pushover analysis incorporating nonlinear material and geometric effects is
capable of estimating the capacity of tower structures accurately and simulating the
structural behavior up to the onset of collapse. This study attempts to accurately
evaluate the performance of the towers using different analysis techniques.
Numerical results may serve to simulate failure scenarios in existing distribution

towers.
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APPENDICES

. Appendix A - Schematic Figures of RU and DU Type of Towers
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Figure A.1. Schematic figures of RU and DU type towers
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B. Appendix B - Investigated Failed Towers During Site Visit

Figure B.1. N0.106 tower (Torsional deformation of the tower cage between the

middle and bottom crossarms)

Figure B.2. N0.107 tower (Buckling of leg members in tower body)
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Figure B.3. N0.108 tower (Buckling of leg members in tower body)

Figure B.4. N0.116 tower (Torsional deformation of the tower cage between the
middle and bottom crossarms)
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Figure B.5. N0.127 tower (Deformation of the tower cage)
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C. Appendix C — Structural Properties of No.106 Tower
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Table C.1. Design limit states and load capacities of structural members (ASCE.
2015)

Design Limit States (kN) Design Capacity (kN)
Length ) Bolt Bolt Tensile _ ]
Member Buckling ) o Compression Tension
(m) Shear Bearing Yielding

463 0.50  139.72 280.48 158.40  106.64 139.72 106.64
451 0.54 107.59 381.70 184.80  100.44 107.59 100.44
439 0.61 96.30 381.70 184.80  100.44 96.30 100.44
427 0.69 81.71 381.70 184.80 100.44 81.71 100.44
415 0.76 68.04 381.70 184.80  100.44 68.04 100.44
403 0.80 6141 381.70 184.80 100.44 61.41 100.44
391 0.86 53.14 381.70 184.80  100.44 53.14 100.44
379 0.94 4448 381.70 18480  100.44 44.48 100.44
367 0.50 11342 381.70 184.80 100.44 113.42 100.44
355 0.50 11342 381.70 184.80 100.44 113.42 100.44
343 0.50 11342 381.70 184.80 100.44 113.42 100.44
331 0.50 11342 381.70 184.80 100.44 113.42 100.44
319 0.50 11342 381.70 184.80 100.44 113.42 100.44
307 0.50 11342 381.70 184.80 100.44 113.42 100.44
295 0.50 11342 381.70 184.80 100.44 113.42 100.44
283 0.50 11342 381.70 184.80 100.44 113.42 100.44
271 0.50 177.57 381.70 221.76  154.38 177.57 154.38
259 0.50 177.57 381.70 221.76  154.38 177.57 154.38
247 0.50 17757 381.70 221.76  154.38 177.57 154.38
235 0.50 17757 381.70 221.76  154.38 177.57 154.38
223 0.50 177.57 381.70 221.76  154.38 177.57 154.38
211 0.50 177.57 381.70 221.76  154.38 177.57 154.38
199 0.50 17757 381.70 221.76  154.38 177.57 154.38
187 0.50 17757 381.70 221.76  154.38 177.57 154.38
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Table C.1. (cont’d) Design limit states and load capacities of structural members
(ASCE. 2015)

Design Limit States (kN) Design Capacity (kN)
Length ] Bolt Bolt Tensile _ _
Member Buckling ) o Compression Tension
(m) Shear Bearing Yielding

175 0.50 177.57 381.70 221.76  154.38 177.57 154.38
163 0.50 177.57 381.70 221.76  154.38 177.57 154.38
151 0.50 17757 381.70 221.76  154.38 177.57 154.38
139 0.50 17757 381.70 221.76  154.38 177.57 154.38
127 0.58  218.83 381.70 258.72  202.43 218.83 202.43
115 0.58  218.83 381.70 258.72  202.43 218.83 202.43
103 0.58 218.83 381.70 258.72  202.43 218.83 202.43
252 0.58 218.83 381.70 258.72  202.43 218.83 202.43
248 0.58  218.83 381.70 258.72  202.43 218.83 202.43
228 0.58  218.83 381.70 258.72  202.43 218.83 202.43
224 0.58 218.83 381.70 258.72  202.43 218.83 202.43
204 0.58 218.83 381.70 258.72  202.43 218.83 202.43
200 0.58 218.83 381.70 258.72  202.43 218.83 202.43
180 0.58 218.83 381.70 258.72  202.43 218.83 202.43
176 0.58 218.83 381.70 258.72  202.43 218.83 202.43
156 0.58 218.83 381.70 258.72  202.43 218.83 202.43
452 0.58 24442 381.70 258.72  224.13 244.42 224.13
132 0.58 24442 381.70 258.72  224.13 244.42 224.13
128 058 24442 381.70 258.72 22413 244.42 224.13
108 058 24442 381.70 258.72  224.13 244.42 224.13
104 0.58 24442 381.70 258.72  224.13 244.42 224.13

7 114 24591 381.70 258.72  224.13 24591 224.13
671 0.68 67.73 3506 31.68 70.59 31.68 31.68
651 0.73 63.46 3506 31.68 70.59 31.68 31.68
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Table C.1. (cont’d) Design limit states and load capacities of structural members
(ASCE. 2015)

Design Limit States (kN) Design Capacity (kN)
Length Bolt Bolt Tensile
Member Buckling Compression Tension
(m) Shear Bearing Yielding
657 0.80 56.54 35.06 31.68 70.59 31.68 31.68
645 0.89 47.77 35.06 31.68 70.59 31.68 31.68
641 0.97 40.05 35.06 31.68 70.59 31.68 31.68
629 1.03 3548 3506 31.68 70.59 31.68 31.68
624 111 30.66 3506 31.68 70.59 30.66 31.68
612 1.21 2596 35.06 31.68 70.59 25.96 31.68
608 0.94 42,60 35.06 31.68 70.59 31.68 31.68
596 0.97 40.39 35.06 31.68 70.59 31.68 31.68
592 0.99 38.31 3506 31.68 70.59 31.68 31.68
580 1.02 36.38 35.06 31.68 70.59 31.68 31.68
576 1.04 3457 3506 31.68 70.59 31.68 31.68
564 1.07 3289 3506 31.68 70.59 31.68 31.68
560 1.10 3131 3506 31.68 70.59 31.31 31.68
548 1.12 30.08 3506 31.68 70.59 30.08 31.68
544 1.14 2891 3506 31.68 70.59 28.91 31.68
532 1.17 2759 3506 31.68 70.59 27.59 31.68
528 1.20 26.35 3506 31.68 70.59 26.35 31.68
516 1.22 25.19 3506 31.68 70.59 25.19 31.68
512 1.25 2409 3506 31.68 70.59 24.09 31.68
500 1.28 23.07 3506 31.68 70.59 23.07 31.68
496 131 22.10 3506 31.68 70.59 22.10 31.68
484 1.33 21.19 3506 31.68 70.59 21.19 31.68
480 1.36 20.33 35.06 31.68 70.59 20.33 31.68
468 1.39 1952 35.06 31.68 70.59 19.52 31.68

88



Table C.1. (cont’d) Design limit states and load capacities of structural members
(ASCE. 2015)

Design Limit States (kN) Design Capacity (kN)
Length Bolt Bolt Tensile
Member Buckling Compression Tension
(m) Shear Bearing Yielding

458 1.42 18.76  35.06  31.68 70.59 18.76 31.68
422 1.45 18.04 35.06 31.68 70.59 18.04 31.68
411 151 16.64 35.06 31.68 70.59 16.64 31.68
374 1.54 1594 35.06 31.68 70.59 15.94 31.68
363 1.57 1530 35.06 31.68 70.59 15.30 31.68
326 1.91 4157 35.06 31.68 70.59 31.68 31.68
683 0.95 8155 3506 31.68 70.59 31.68 31.68
302 1.96 39.24 3506 31.68 70.59 31.68 31.68
756 1.93 40.39 35.06 31.68 70.59 31.68 31.68
278 2.02 37.07 3506 31.68 70.59 31.68 31.68
710 1.99 38.14 3506 31.68 70.59 31.68 31.68
740 2.04 36.12 3506 31.68 70.59 31.68 31.68
91 2.07 3519 3506 31.68 70.59 31.68 31.68
714 2.10 3430 3506 31.68 70.59 31.68 31.68
67 2.12 3343 3506 31.68 70.59 31.68 31.68
730 2.15 3253 3506 31.68 70.59 31.68 31.68
726 2.21 3090 3506 31.68 70.59 30.90 31.68
43 2.18 3166 3506 31.68 70.59 31.66 31.68
774 1.12 76.40 3506 31.68 70.59 31.68 31.68
19 2.24 30.17 3506 31.68 70.59 30.17 31.68
697 1.52 60.30 35.06 31.68 70.59 31.68 31.68
6 0.44 8355 3506 31.68 70.59 31.68 31.68
745 1.48 17.13 7012 63.36 70.59 17.13 63.36
708 1.39 48.69 9542 9240 90.40 48.69 90.40
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Table C.1. (cont’d) Design limit states and load capacities of structural members
(ASCE. 2015)

Design Limit States (kN) Design Capacity (kN)
Length ) Bolt Bolt Tensile _ ]
Member Buckling Compression Tension
(m) Shear Bearing Yielding

12 0.47 8191 3506 31.68 70.59 31.68 31.68
23 0.58 7498 3506 31.68 70.59 31.68 31.68
747 1.80 28.83 70.12 79.20 114.81 28.83 70.12
723 0.97 35.70 9542 92.40 90.40 35.70 90.40
724 0.65 35.71 9542 9240 90.40 35.71 90.40
35 0.63 7165 3506 31.68 70.59 31.68 31.68
47 0.73 63.53 35.06 31.68 70.59 31.68 31.68
753 1.60 1482 70.12 63.36 70.59 14.82 63.36
737 1.27 57.85 9542 9240 90.40 57.85 90.40
59 0.78 58.47 3506 31.68 70.59 31.68 31.68
71 1.48 62.48 3506 31.68 70.59 31.68 31.68
77 1.94 40.10 35.06 31.68 70.59 31.68 31.68
699 0.66 68.65 3506 31.68 70.59 31.68 31.68
691 0.89 48.13 35.06 31.68 70.59 31.68 31.68
686 1.11 30.84 3506 31.68 70.59 30.84 31.68
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Table C.2. Hinge properties of structural members under tension

Hinge Properties in Tension

Member = = £

Qy A Qu A Q A Q A

(kN)  (mm) (kN)  (mm) (kN) (mm) (kN) (mm)
463 106.64 053 15136 636 8531 636 8531 7.95
451 100.44 054 14256 6.47 80.35 6.47 80.35 8.09
439 100.44 0.61 14256 731 8035 7.31 80.35 9.14
427 100.44 0.69 14256 8.27 80.35 8.27 80.35 10.33
415 10044 0.76 14256 9.11 80.35 9.11 80.35 11.38
403 100.44 0.80 14256 959 8035 959 80.35 11.98
391 100.44 0.86 14256 10.30 80.35 10.30 80.35 12.88
379 100.44 094 14256 1126 80.35 11.26 80.35 14.08
367 100.44 050 14256 599 8035 599 80.35 7.49
355 100.44 050 14256 599 8035 599 80.35 7.49
343 100.44 050 14256 599 80.35 5.99 80.35 7.49
331 100.44 050 14256 599 80.35 5.99 80.35 7.49
319 100.44 050 14256 599 8035 599 80.35 7.49
307 100.44 050 14256 599 8035 599 80.35 7.49
295 100.44 050 14256 599 80.35 5.99 80.35 7.49
283 100.44 050 14256 599 80.35 5.99 80.35 7.49
271 15438 054 219.12 6.45 12350 6.45 12350 8.06
259 15438 054 219.12 6.45 12350 6.45 123.50 8.06
247 15438 054 219.12 6.45 12350 6.45 123.50 8.06
235 15438 054 219.12 6.45 12350 6.45 123.50 8.06
223 15438 054 219.12 6.45 12350 6.45 123.50 8.06
211 15438 054 219.12 6.45 12350 6.45 12350 8.06
199 15438 054 219.12 6.45 12350 6.45 12350 8.06
187 15438 054 219.12 6.45 12350 6.45 12350 8.06
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Table C.2. (cont’d) Hinge properties of structural members under tension

Hinge Properties in Tension

Member = = £
Qy A Qu A Q A Q A

(kN)  (mm) (kN)  (mm) (kN) (mm)  (kN) (mm)

175 15438 054 219.12 6.45 12350 6.45 12350 8.06
163 15438 054 219.12 6.45 12350 6.45 12350 8.06
151 15438 0.54 219.12 6.45 12350 6.45 123,50 8.06
139 15438 054 219.12 6.45 12350 6.45 12350 8.06
127 20243 064 258.72 7.71 16194 7.71 16194 9.64
115 20243 0.64 258.72 7.71 16194 7.71 16194 9.64
103 20243 0.64 25872 771 16194 7.71 16194 9.64
252 20243 0.64 25872 771 16194 7.71 16194 9.64
248 20243 064 258.72 7.71 16194 7.71 16194 9.64
228 20243 064 258.72 7.71 16194 7.71 16194 9.64
224 20243 0.64 25872 771 16194 7.71 16194 9.64
204 20243 0.64 25872 771 16194 7.71 16194 9.64
200 20243 0.64 25872 7.71 16194 7.71 16194 9.64
180 20243 0.64 258.72 7.71 16194 7.71 16194 9.64
176 20243 0.64 25872 771 16194 7.71 16194 9.64
156 20243 064 25872 771 16194 7.71 16194 9.64
452 224.13 066 258.72 790 179.30 790 179.30 9.88
132 224.13 066 258.72 790 179.30 790 179.30 9.88
128 22413 066 258.72 790 179.30 790 179.30 9.88
108 22413 066 258.72 790 179.30 790 179.30 9.88
104 224.13 066 258.72 790 179.30 790 179.30 9.88
7 224.13 130 258.72 1555 179.30 1555 179.30 19.44
671 3168 0.33 31.68 3.99 2534 3.99 25.34 498
651 3168 0.36 31.68 429 2534 429 25.34 5.36
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Table C.2. (cont’d) Hinge properties of structural members under tension

Hinge Properties in Tension

Member = = £

Qy A Qu A Q A Q A

(kN) ~ (mm) (kN)  (mm) (kN) (mm)  (kN) (mm)
657 3168 0.39 31.68 473 2534 473 25.34 5091
645 3168 0.44 31.68 524 2534 524 25.34  6.55
641 3168 0.48 31.68 572 2534 572 25.34 7.15
629 3168 051 31.68 6.08 2534 6.08 25.34 7.60
624 3168 055 31.68 6.54 2534 6.54 25.34 8.18
612 3168 059 31.68 711 2534 7.11 25.34 8.88
608 3168 0.46 31.68 555 2534 555 25.34 6.94
596 3168 0.47 31.68 570 2534 5.70 25.34 7.12
592 3168 049 3168 585 2534 585 2534 731
580 3168 050 31.68 6.00 2534 6.00 2534 751
576 3168 051 31.68 6.16 2534 6.16 25.34 7.70
564 3168 053 31.68 6.32 2534 6.32 25.34 7.89
560 31.68 054 31.68 6.47 2534 6.47 25.34  8.09
548 3168 055 3168 6.60 2534 6.60 2534 825
544 3168 056 31.68 6.74 2534 6.74 25.34 842
532 3168 057 31.68 6.90 2534 6.90 25.34 8.62
528 3168 059 3168 7.06 2534 7.06 2534 882
516 3168 0.60 31.68 722 2534 7.22 25.34 9.02
512 3168 0.61 31.68 7.38 2534 7.38 25.34 9.22
500 3168 0.63 31.68 754 2534 754 25.34 943
496 3168 0.64 31.68 7.70 2534 7.70 25.34 9.63
484 3168 0.66 31.68 7.87 2534 7.87 25.34 9.83
480 3168 0.67 31.68 8.03 2534 8.03 25.34 10.04
468 3168 0.68 31.68 8.20 2534 8.20 25.34 10.25
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Table C.2. (cont’d) Hinge properties of structural members under tension

Hinge Properties in Tension

Member = = £
Qy A Qu A Q A Q A

(kN)  (mm) (kN)  (mm) (kN) (mm)  (kN) (mm)

458 3168 070 31.68 836 2534 836 2534 10.45
422 3168 0.71 31.68 853 2534 853 25.34 10.66
411 3168 0.74 31.68 8.88 2534 8.88 25.34 11.10
374 3168 0.76 31.68 9.07 2534 9.07 25.34 11.34
363 31.68 0.77 31.68 9.26 2534 9.26 25.34 11.57
326 3168 094 3168 11.23 2534 1123 2534 14.04
683 3168 047 31.68 5.62 2534 5.62 25.34 7.02
302 3168 096 31.68 1156 2534 1156 25.34 14.46
756 3168 095 31.68 1140 2534 1140 2534 14.25
278 3168 099 3168 1190 2534 1190 25.34 14.87
710 3168 098 3168 11.73 2534 11.73 2534 14.66
740 3168 1.00 31.68 1205 2534 1205 2534 15.07
91 3168 1.02 3168 1221 2534 1221 2534 15.26
714 3168 1.03 31.68 1237 2534 1237 2534 15.46
67 3168 1.04 3168 1253 2534 1253 2534 15.66
730 3168 1.06 31.68 1270 2534 1270 25.34 15.88
726 3168 1.09 3168 13.03 2534 13.03 2534 16.29
43 31.68 1.07 31.68 1287 2534 1287 2534 16.09
774 3168 055 31.68 6.59 2534 6.59 25.34 8.24
19 3168 110 31.68 13.19 2534 1319 2534 16.48
697 31.68 0.75 31.68 8.99 2534 8.99 25.34 11.24
6 3168 0.22 31.68 259 2534 259 25.34 3.24
745 63.36 146 6336 1750 50.69 1750 50.69 21.88
708 9040 124 9240 1494 7232 1494 7232 18.67
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Table C.2. (cont’d) Hinge properties of structural members under tension

Hinge Properties in Tension

Member £

Qy A Qu A Q A Q A

(kN) ~ (mm)  (kN) (mm)  (kN)  (mm) (kN)  (mm)
12 31.68 023 31.68 277 2534 277 25.34  3.46
23 31.68 029 31.68 342 2534 342 25.34 4.28
147 70.12 125 70.12 15.06 56.10 15.06 56.10 18.82
723 9040 0.87 9240 1044 7232 1044 7232 13.05
724 9040 058 9240 7.00 7232 7.00 7232 875
35 31.68 031 31.68 3.69 2534 3.69 25.34 461
47 31.68 036 31.68 428 2534 4.28 25.34 5.35
753 63.36 157 63.36 18.82 50.69 18.82 50.69 23.52
737 9040 114 9240 13.70 7232 1370 7232 17.13
59 31.68 038 31.68 4.61 2534 461 25.34 5.76
71 31.68 0.73 31.68 870 2534 870 2534 10.88
7 3168 095 3168 1144 2534 1144 2534 14.30
699 31.68 033 31.68 392 2534 392 25.34 4.90
691 31.68 044 3168 522 2534 522 25.34  6.53
686 31.68 054 3168 652 2534 6.52 25.34 8.5
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Table C.3. Hinge properties of structural members under compression

Hinge Properties in Compression

Member = = £

Qy A Qu A Q A Q A

(kN)  (mm) (kN)  (mm) (kN) (mm) (kN) (mm)
463 139.72 0.69 139.72 1.04 2794 1.04 2794  6.95
451 10759 058 10759 0.87 2152 0.87 2152 5.78
439 96.30 0.58 96.30 0.88 19.26 0.88 19.26 584
427 8171 056 81.71 0.84 1634 084 16.34  5.60
415 68.04 051 68.04 0.77 13.61 0.77 13.61 5.14
403 6141 049 6141 0.73 1228 0.73 12.28 4.88
391 53.14 045 53.14 0.68 10.63 0.68 10.63 454
379 4448 042 4448 0.62 8.90 0.62 8.90 4.16
367 11342 056 11342 085 2268 0.85 22.68 5.64
355 11342 056 11342 085 2268 0.85 22.68 5.64
343 11342 056 11342 085 2268 0.85 22.68 5.64
331 11342 0.56 11342 0.85 2268 0.85 22.68 5.64
319 11342 056 11342 085 2268 0.85 22.68 5.64
307 11342 056 11342 0.85 2268 0.85 22.68 5.64
295 11342 056 11342 0.85 2268 0.85 22.68 5.64
283 11342 056 11342 0.85 2268 0.85 22.68 5.64
271 17757 062 17757 093 3551 0.93 3551 6.18
259 17757 062 17757 093 3551 0.93 3551 6.18
247 17757 062 17757 093 3551 0.93 3551 6.18
235 17757 062 17757 093 3551 0.93 3551 6.18
223 17757 062 17757 093 3551 0.93 3551 6.18
211 17757 062 17757 093 3551 0.93 3551 6.18
199 17757 062 17757 093 3551 0.93 3551 6.18
187 17757 062 17757 093 3551 0.93 3551 6.18
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Table C.3. (cont’d) Hinge properties of structural members under compression

Hinge Properties in Compression

Member = = £
Qy A Qu A Q A Q A

(kN) ~ (mm) (kN)  (mm) (kN) (mm)  (kN) (mm)

175 17757 062 17757 093 3551 0.93 35.51 6.18
163 17757 062 17757 093 3551 0.93 35.51 6.18
151 17757 062 17757 093 3551 0.93 3551 6.18
139 17757 062 17757 093 3551 0.93 3551 6.18
127 218.83 0.69 21883 1.04 4377 1.04 43.77  6.95
115 218.83 0.69 21883 1.04 4377 1.04 43.77  6.95
103 218.83 0.69 21883 1.04 4377 1.04 43.77  6.95
252 218.83 0.69 21883 1.04 43777 1.04 43.77  6.95
248 218.83 0.69 21883 1.04 4377 1.04 43.77  6.95
228 218.83 0.69 21883 1.04 4377 1.04 43.77  6.95
224 218.83 0.69 21883 1.04 43777 1.04 43.77  6.95
204 218.83 0.69 21883 1.04 4377 1.04 43.77  6.95
200 218.83 0.69 21883 1.04 4377 1.04 43.77  6.95
180 218.83 0.69 21883 1.04 4377 1.04 43.77  6.95
176 218.83 0.69 21883 1.04 4377 1.04 43.77  6.95
156 218.83 0.69 21883 1.04 43777 1.04 43.77  6.95
452 24442 0.72 24442 1.08 48.88 1.08 48.88 7.18
132 24442 0.72 24442 1.08 48.88 1.08 48.88 7.18
128 24442 0.72 24442 108 48.88 1.08 48.88 7.18
108 24442 0.72 24442 108 48.88 1.08 48.88 7.18
104 24442 0.72 24442 1.08 48.88 1.08 48.88 7.18
7 24591 142 24591 213 49.18 213 49.18 14.22
671 3168 0.33 31.68 3.99 2534 3.99 25.34 498
651 3168 0.36 31.68 429 2534 429 25.34 5.36
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Table C.3. (cont’d) Hinge properties of structural members under compression

Hinge Properties in Compression

Member = = £

Qy A Qu A Q A Q A

(kN)  (mm) (kN)  (mm) (kN) (mm)  (kN) (mm)
657 3168 0.39 31.68 473 2534 473 25.34 5091
645 3168 0.44 31.68 524 2534 524 25.34 6.55
641 3168 048 31.68 572 2534 572 25.34 7.15
629 3168 051 31.68 6.08 2534 6.08 25.34 7.60
624 3066 053 3066 079 613 0.79 6.13 5.28
612 2596 049 2596 073 519 0.73 519 485
608 3168 0.46 31.68 555 2534 555 25.34 6.94
596 3168 0.47 31.68 570 2534 5.70 25.34 7.12
592 3168 049 3168 585 2534 585 2534 731
580 3168 050 31.68 6.00 2534 6.00 2534 751
576 3168 051 31.68 6.16 2534 6.16 25.34 7.70
564 3168 053 31.68 6.32 2534 6.32 25.34 7.89
560 3131 053 3131 080 626 0.80 6.26  5.33
548 30.08 052 3008 078 6.02 0.78 6.02 5.23
544 2891 051 28091 0.77 5.78 0.77 5.78 5.12
532 2759 050 27.59 0.75 5.52 0.75 5.52 5.00
528 26.35 049 26.35 0.73 5.27 0.73 5.27 4.89
516 25.19 048 25.19 0.72 5.04 0.72 5.04 4.78
512 2409 047 24.09 0.70 4.82 0.70 4.82 4.68
500 23.07 046  23.07 0.69 4.61 0.69 4.61 4,58
496 22.10 045 22.10 0.67 4.42 0.67 4.42 4.48
484 2119 044 21.19 0.66 4.24 0.66 4.24 4.39
480 20.33 043 20.33 0.64 4.07 0.64 4.07 4.30
468 1952 042 1952 0.63 3.90 0.63 3.90 4.21
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Table C.3. (cont’d) Hinge properties of structural members under compression

Hinge Properties in Compression

Member = = £
Qy A Qu A Q A Q A

(kN) ~ (mm) (kN)  (mm) (kN) (mm)  (kN) (mm)

458 1876 041 18.76 0.62 3.75 0.62 3.75 4.13
422 18.04 040 18.04 0.61 3.61 0.61 3.61 4.05
411 16.64 039 16.64 0.58 3.33 0.58 3.33 3.89
374 1594 038 1594 0.57 3.19 0.57 3.19 3.80
363 1530 037 1530 056 3.06 0.6 3.06 3.73
326 3168 094 3168 11.23 2534 1123 2534 14.04
683 3168 047 31.68 5.62 2534 5.62 25.34 7.02
302 3168 096 31.68 1156 2534 1156 2534 14.46
756 3168 095 3168 1140 2534 1140 2534 14.25
278 3168 099 31.68 1190 2534 1190 25.34 14.87
710 3168 098 3168 11.73 2534 11.73 2534 14.66
740 3168 1.00 31.68 1205 2534 1205 2534 15.07
91 3168 1.02 3168 1221 2534 1221 2534 15.26
714 3168 1.03 31.68 1237 2534 1237 2534 15.46
67 3168 1.04 3168 1253 2534 1253 2534 15.66
730 3168 1.06 31.68 1270 2534 1270 25.34 15.88
726 3090 106 3090 159 618 159 6.18 10.59
43 3166 1.07 31.66 1.61 6.33 1.61 6.33 10.72
774 3168 055 31.68 6.59 2534 6.59 25.34 8.24
19 30.17 1.05 30.17 1.57 6.03 1.57 6.03 10.47
697 31.68 0.75 31.68 8.99 2534 8.99 25.34 11.24
6 3168 0.22 31.68 259 2534 259 25.34 3.24
745 1713 039 17.13 0.59 3.43 0.59 3.43 3.94
708 48.69 0.67 48.69 1.01 9.74 1.01 9.74 6.70
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Table C.3. (cont’d) Hinge properties of structural members under compression

Hinge Properties in Compression

Member 8 = = £

Qy A Qu A Q A Q A

(kN)  (mm) (kN)  (mm) (kN) (mm)  (kN) (mm)
12 3168 0.23 31.68 277 2534 277 25.34 346
23 3168 0.29 31.68 342 2534 342 25.34 4.28
747 2883 052 28.83 0.77 5.77 0.77 5.77 5.16
723 3570 0.34 35.70 0.52 7.14 0.52 7.14 3.44
724 3571 023 3571 0.35 7.14 0.35 7.14 2.30
35 3168 031 3168 3.69 2534 369 2534 461
47 3168 0.36 31.68 428 2534 428 25.34 535
753 1482 037 1482 0.55 2.96 0.55 2.96 3.67
737 5785 0.73 57.85 1.10 1157 110 11.57 731
59 3168 038 3168 461 2534 461 2534 576
71 3168 0.73 31.68 8.70 2534 8.70 25.34 10.88
7 3168 095 31.68 1144 2534 1144 2534 1430
699 3168 033 3168 3.92 2534 392 2534 490
691 3168 0.44 31.68 522 2534 522 25.34  6.53
686 30.84 053 30.84 0.79 6.17 0.79 6.17 5.29
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